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CHAPTER 5: DETAILED SEISMIC DESIGN OF CONCRETE BUILDINGS

5.1 Introduction

5.1.1 Sequence of operations in the detailed design for earthquake resistance

The subject of the present Chapter, detailed design, is the third stage in the overall design process. The
second stage is the analysis for the design actions; Chapter 3 focused specifically on the analysis for the
seismic action. The analysis stage is preceded by conceptual design, the subject of Chapter 4. A sub-
stage of conceptual design is "sizing of members"”, i.e., the selection of their cross-sectional dimensions,
which in turn determine the member elastic stiffness, a necessary input to the analysis of the structural
system for any action — including the seismic one. Therefore, "sizing" should take place before any
analysis and, as such, is part of conceptual design. However, it is addressed in this Chapter, because it
relates closely to detailed design rules and requirements for them, which are dealt with in other sections

of Chapter 5.

Capacity design introduces strong interdependence across various phases of detailed design of a building

per Eurocode 8, in the same member as well as between different ones, especially in frames:

— If the columns are capacity-designed around joints to be stronger in flexure than the beams (see
Section 4.5.2 and Eq. (5.31) in Section 5.4.2), the longitudinal reinforcement of the beams should be
known beforehand; to this end, the beams are the first members to be dimensioned; in fact, beam
ends and the base section of walls are normally the only places whose detailed design is based
exclusively on analysis results — in this case on their bending moments.

— Dimensioning of a column or a beam in shear depends on the longitudinal reinforcement of the
column/beam itself and of that of the members framing into it at either end; so, it is carried out after

the amount and layout of the beam and column reinforcement have been determined (see Egs. (5.42),
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(5.44)) in Sect. 5.5.1).

— Dimensioning of any storey of a DC H wall in shear depends on the vertical reinforcement at the
base of the bottom storey (see first bullet point above and Egs. (5.54) in Sect. 5.6.2.1); it should be
undertaken after the amount and layout of the latter is determined.

— The design of isolated footings and of their tie-beams and the verification of the soil underneath
depend on the longitudinal reinforcement of the vertical elements they support (see Section 6.3.2);
so, it should take place afterwards.

The operations in detailed design should follow the sequence highlighted above, so that all the

information needed at every step is available beforehand. Integrated computer programs for detailed

design per Eurocode 8 should be structured to perform these operations in the above sequence; even
when the columns do not need to be capacity-designed in order to be stronger than the beams per

Eq.(5.31) in Sect. 5.4.1, it is convenient to follow the same general sequence, but using, in that case, for

the dimensioning of the column in flexure its bending moments from the analysis, Mgq, instead of the

beam moment resistances, Mrqp.

The sequence suggested above is followed in the detailed description of the dimensioning steps across

this Chapter and in Section 6.3 of Chapter 6, as well as in the full example of Chapter 7.

5.1.2 Material partial factors in Ultimate Limit State (ULS) dimensioning of members

Eurocode 8 adopts the Eurocode 2 approach for ULS design, where the general Ultimate Limit State
(ULS) verification, Eq. (1.1), uses a design value of force or moment resistance, Ry, calculated from the
design values of material strengths; the latter are obtained by dividing the nominal or characteristic
values by the corresponding material partial factors:

o foq = fulyc, for concrete;

o fyq =Tfudlys, for steel.
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Being safety elements, the partial factors y. and ys are NDPs (Nationally Determined Parameters).
Eurocode 8 does not recommend values for them, but mentions the options of:

1. using the values y. = 1.5, ys = 1.15, recommended in Eurocode 2 for the ULS design against non-

seismic actions, or

2. setting y.= 1.0, ys= 1.0, which are the recommended values for design against accidental actions.
Option 1 is very convenient for the designer, as he/she may then dimension the elements to provide a
design value of force resistance, Ry, at least equal to the largest design value of the action effect due to
the non-seismic or the seismic combinations of actions. With option 2, elements have to be dimensioned
once for the action effect due to the non-seismic combinations and then for that due to the seismic ones,

each time using different values of y. and ys for Rq.

5.2 Sizing of frame members

5.2.1 Introduction

If member sizes are not judiciously selected from the outset, the designer will encounter problems in the

detailed design phase after the analysis, e.g.:

e failure of undersized members to meet the ULS verification in shear or (more rarely) in flexure, no
matter the amount of their reinforcement;

e extreme congestion of reinforcement in undersized members;

e poor utilization of materials in oversized members (which may thus have the minimum longitudinal
reinforcement only), with undesirable distribution of overstrengths over the structure, leading to a
concentration of inelasticity in members which are not oversized, etc.

Such problems, especially of the first two types, require revising the member sizes and repeating the

analysis. Besides, even if these two types of problem do not arise, a poor choice of member sizes may
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lead to substandard overall seismic performance and low cost-effectiveness of the building.

The following paragraphs give guidance on how to size beams and columns, in order to help meet the
rules of Eurocodes 8 and 2 during the detailed design phase. Except for the procedure in Sect. 5.2.3.4,
which, strictly speaking, requires knowledge of beam longitudinal reinforcement, the rest may be used

during conceptual design before any analysis.

5.2.2 Sizing of beams

To facilitate continuity of the beam top and bottom bars across a column, the cross-section of beams

should be the same in all bays of a plane frame.

Beam depth is often controlled by gravity loads, or (in frame buildings without shear walls) by drift

control under the damage limitation earthquake (see Section 1.3.2); it is normally chosen around one-

tenth of the average bay length in the frame.

The importance of a sizeable web width is sometimes overlooked; instead, the designer often tries to

accommodate the beam within the thickness of a nonstructural wall under the beam. The web should be

sufficiently wide:

1. to avoid undue congestion of longitudinal bars (preferably placed in one layer),

2. to provide at least the minimum concrete cover of stirrups at the sides of the beam per Part 1-1 of
Eurocode 2, and

3. to provide at least the minimum mean axial distance of longitudinal bars to the concrete surface per
Part 1-2 of Eurocode 2.

Note that, depending on the environmental exposure class and the specified fire rating, requirements

under 2 and 3 respectively may be quite restrictive. Concerning point 1: at the supports on columns,

most of the top beam bars should be placed within the beam stirrups, but some may be outside these

stirrups in a top slab; if hy is the thickness of that slab, top bars may be placed within an effective flange
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width in tension (cf. Fig. 2.22(b)) extending per Eurocode 8 on each side of the beam to the face of the

column parallel to it, and even beyond, by:

— 4hy, if the column is interior in the direction of the beam and a similarly deep beam frames into the
column in the transverse direction;

— 2hy, if the column is exterior in the direction of the beam and supports a similar transverse beam, or
is interior but without a transverse beam.

Note also that if the column cross-sectional depth in the direction of the beam is small, the onerous

restriction of the beam bar size per Eurocode 8 (highlighted in Section 5.2.3.3) may result in a large

number of small diameter bars, aggravating bar congestion at the supports on columns and requiring

even wider beam webs. Examples at beam ends supported by relatively thin perimeter walls or columns

may be found in Chapter 7 (see Figs. 7.34 to 7.39).

The ideal connection of a beam with a column is concentric, with the column being wider than the web

of the beam on each side by at least 50 mm, to allow the beam longitudinal bars to pass through the

confined core of the column section between its outermost bars. If a fully concentric connection is not

feasible, the eccentricity between the beam and the column centroidal axes is limited by Eurocode 8

according to Eqg. (4.10). To meet this condition, perimeter beams having the exterior side flush with that

of the exterior columns should have a web wider than one-half of the largest cross-sectional dimension

of the column at right angles to the beam axis. An example of this may be seen at the corner columns of

the building in Chapter 7 (see Fig. 7.2).

5.2.3 Sizing the columns

5.2.3.1 Introduction

Storey seismic shears and column axial forces decrease from the base to the roof; so, one may be
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tempted to reduce the column section in the upper storeys. However, field experience and tests provide
strong evidence that such a reduction is detrimental for the seismic performance of columns at
intermediate or upper storeys, especially in medium- to high-rise buildings. Besides, when the column
section changes from one storey to the next, it is difficult to detail the transition of column bars through
the joint. Moreover, for the same reinforcement ratio (often the minimum of 1% per Eurocode 8) and
cross section, the column moment resistance decreases in the upper storeys owing to the reduction in
column axial compression. Recall in this respect from Section 4.4.4.1 (and witness in Figs. 7.9, 7.12,
7.15, 7.22) that the column seismic moments in dual (frame-wall) systems are often smaller in the lower
storeys, while those due to gravity loads are invariably larger at the top storey (see Figs. 7.27, 7.28,
7.30); so, if the column is smaller in the upper storeys, it may require more vertical reinforcement there.
Therefore, except for serious architectural reasons, the size of a column should be kept constant in all
storeys, as determined from the most critical one.

The most cost-effective option, which also serves the requirement to have a clear structural system, is to
have as uniform a size of columns in the building as feasible: experience from past earthquakes show
that larger columns in the system are more likely to fail than the smaller ones, even when they have
higher vertical steel ratio.

Eurocode 8 sets a minimum length of 200 or 250 mm, for a side of a DC M or H column, respectively.
In addition, if the sensitivity coefficient for second-order effects, 8= P&/Vh (see Section 3.1.12) exceeds
0.1, the column sides should be at least equal to 5% of the distance of the inflection point to the column
end further away, for bending within a plane parallel to the side. It should be pointed out, though, that
these minimum values may govern only the narrow sides of sections composed of more than one
rectangular parts (T-, L-, C-, etc). For all other column sections, the Eurocode 8 or 2 rules highlighted in

Sections 5.2.3.3 to 5.2.3.4 are normally far more restrictive.
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5.2.3.2 Upper limit on normalised axial load in columns

To ensure a minimum flexural ductility of the column, Eurocode 8 sets upper limits on its axial load

ratio:

« ForDCM: v4<0.65 (5.1a)

» For DCH: va< 0.55 (5.1b)
where vq = No/(Acfea), with Ng denoting the column axial load in the seismic design situation and A the
column cross-sectional area. In order to choose A: from the outset, so that Egs. (5.1) and other
restrictions listed below are met, a value of Ny should be estimated before the analysis:

o If beams parallel to the horizontal seismic action component considered frame into the column
from both sides (as they normally do in interior columns), a back-of-the-envelope calculation may
give Ny as the total column tributary plan area in all floors (: column tributary plan area in a typical
floor times the number of overlying storeys) times the estimated quasi-permanent gravity load per
unit floor area in the seismic design situation (typically from 7 to 9 kN/m?).

o If beams frame into the column along the horizontal direction of the seismic action only from one
side (e.g., as in a column which is exterior in that direction of the earthquake), this value of Nq4 due
to quasi-permanent gravity loads should be increased at each storey by the maximum possible
beam shear, taken as the sum of the hogging moment resistance at the beam end framing into the
column, plus the sagging one at the opposite end, divided by the clear beam span; if the minimum
value of Ny in the seismic design situation is sought (e.g., for use in Egs. (5.2) below), the beam
shear is computed from the sum of the sagging moment resistance at the end framing into the
column plus the hogging one at the opposite end and subtracted from the value of Ny due to quasi-
permanent gravity loads. This calculation cannot be practically done before dimensioning the

beams; so:



71

— if the column in question is exterior, the total seismic axial force in the row of exterior

columns of rectangular in plan buildings may be taken equal to the total seismic overturning

moment at storey mid-height, divided by the plan dimension parallel to the horizontal

direction of the seismic action: if the total building height is Hi: and all storeys have about

the same mass, the total seismic overturning moment at mid-height of the ground storey —

with storey height Hy — may be taken as the base shear times (2/3)Hiw: - H«/6; exterior

columns share this force in proportion to their cross-sectional area;

- if the column is interior in plan, its seismic axial force may be neglected (but this is a

approximation questionable for columns not connected to beams on both sides)

5.2.3.3 Column size for bond of beam bars in beam-column joints

Eurocode 8 sets a very restrictive, albeit fully warranted, lower limit to the column depth, h., parallel to

a beam framing into the column, to accommodate the very high bond stresses along the length of a beam

bar inside an interior beam-column joint, or the anchorage of beam bars terminating in a joint, exterior

or not (cf. Fig. 2.22(a)). If the bar diameter is dy_, then the limit is:
- inan interior beam-column joint:

dy _75f,, 1+08y,

hc Vrd fyd 1+k L
pl,max

- ina beam-column joint which is exterior in the direction of the beam:

o

w < 75 o -(1+0.8v,)
hc de fyd

where:
« forDC M, yrg=1.0, k=0.5;

+ forDCH, yrg= 1.2, k=0.75;

(5.2a)

(5.2b)
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 the value of vy = Ngg/fcaAc IS the minimum in all combinations of the design seismic action with the
quasi-permanent gravity loads from the analysis or the rough estimation outlined in the previous sub-
section (vy = 0 for net axial tension, as may occur in exterior columns of medium- or high-rise
buildings);

*  pimax IS the maximum value of beam top reinforcement ratio and p, the bottom steel ratio (taken as
p2=0.5p1 max, If the beam reinforcement is not known yet and only the combination of its maximum
allowed diameter and the column depth is being sought).

Most critical for Eqgs. (5.2) appears to be the top storey, but as the dependence on vy is rather weak,

those actually controlling are normally the storeys which require the largest amount of beam

reinforcement at the support, to be accommodated with the minimum possible number of (larger) bars.

For common axial load ratio values (e.g., vy ~0.2) and steel grades (500 MPa) and for a low concrete

grade (fox = 20 MPa), a column depth h. of about 40d,_ is required for DC H! The required size is

relaxed to about 30dp. for medium-high axial loads and higher concrete grades. If DC M is chosen, the

required column size is reduced by about 25%.

For a sample application of this Section to the beams and columns of the 7-storey example building, see

Section 7.6.2.1.

5.2.3.4 Sizing of columns to meet the slenderness limits in Eurocode 2

The EC2 rules concerning second-order effects in the analysis and verifications for gravity loads pose
strong demands on the size of columns. Buildings designed for earthquake resistance do not necessarily
meet by default the complex local and global lateral stiffness rules of Eurocode 2 against second-order
effects. According to them, if such effects are important, the ULS resistance of members should be

verified for internal forces from an analysis satisfying equilibrium in the deformed state and accounting
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for all effects that increase local and global deformations: cracking, material nonlinearities, creep,
biaxial bending, soil flexibility, soil-structure interaction, postulated deviations of vertical members
from the vertical, etc. This applies to the combination of actions taken into account at the ULS, i.e., the
“persistent and transient” design situation in EN1990, where permanent and variable actions enter
multiplied with partial load factors and deviations of vertical members from the vertical are considered.
The seismic design situation is excluded, as it is covered by the specific provisions of Eurocode 8 for
second-order effects (see Section 3.1.12). Both Eurocodes 2 and 8 allow ignoring these effects, if they
are less than 10% of the first-order ones and give simplified criteria to check whether they are. Given
that the type of analysis per Eurocode 2 which accounts for second-order effects is onerous, the designer
should avoid it by meeting these criteria. Being deemed-to-satisfy rules, these simplified criteria are
safe-sided and give larger member sizes than required by a rigorous analysis with second-order effects.
Eurocode 2 gives a simplified criterion for the slenderness ratio of isolated columns, A:

_lo_,;  _59ABC 5.3
/1_ics/1mm_2o\/H (5.3)

where |y is the column effective length, ic the radius of gyration of the uncracked column section, and
N=Ngg/Acfcg, With Ngg the column axial force in the “persistent and transient” design situation in EN1990
(i.e., with permanent and imposed actions multiplied with their partial load factors). If necessary, Ngg
may be estimated before the analysis as the product of the total column tributary plan area in all floors (:
column tributary plan in a typical floor times the number of overlying storeys) times the sum of factored
permanent load per unit floor area (estimated between 10 and 12 kN/m? in typical buildings) and the
factored specified imposed load per unit floor area. Eurocode 2 gives default values for A, B and C:

» A=0.7 for A, corresponding to an “effective” creep coefficient of 2.1;

« B=1.1 for B=N(1+2pwfya/fea); the default value corresponds to a column steel ratio, prr, slightly over

the minimum of 0.4% recommended in Eurocode 2; B = 1.2 suits better the 1% minimum steel ratio
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in Eurocode 8;

+ C=0.7 for C=1-Mgi/Moz, where Mo, Moy, are the first-order end moments of the column,
with | Moz |>| Moy |; €=0.7 is recommended if the building is not braced by walls per Eq. (5.11)
below, or if the column’s first-order moments are mainly due to lateral loads or postulated deviations
from the vertical.

The effective length of the column is derived from its clear height, Hc, as follows:

+ For buildings not braced by walls with total moment of inertia meeting Eq. (5.11):

lo = Hg -max{ [1+10 kika (1, ko g, ko (5.4a)
k1+k2 1+k1 1+k2

» For buildings braced by walls per Eq. (5.11):

lo=05H¢ - || 1+ K )[4 —K (5.4h)
0.45+kq 0.45+ k>,

In Egs. (5.4) ki is the column rotational stiffness at end node i (= 1, 2) relative to the total restraining

stiffness (moment, M;, applied to the node divided by the resulting rotation, #;) of the members framing

in node i in the plane of column bending considered:

Z Elc,eff
o; Elcert He

ki =—L = (5.5)
! M; z He 42 El¢ eff 4 Elp eff

I'lcl I-cI

The sums of column or beam stiffness values in Eq. (5.5) are taken around node i. L is the clear length
of a beam framing into node i within the plane of column bending considered and Ely e is this beams's
cracked flexural rigidity, taking into account creep, i.e., computed with the design concrete modulus, Eq
= Ecm/1.2, divided further by (1+¢et), Where oes is the final creep coefficient times the fraction of the
total bending moment in the combination of actions which is due to quasi-permanent loads. If d is the

beam effective depth, b the width of a flange which is in compression over its whole thickness, t, and by,
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the thickness of the web, El, s may be taken as:

1[6_(@_éjb_u(l_b_wj(g;j(l_LH+
a|l 2\ 2 3)b b 2d 2d ) 2d

(5.6)

where a = (1+¢e)EJ/Ecq Is the ratio of effective elastic moduli (steel-to-concrete) and the neutral axis

depth (normalised to d) is computed as:

E=a’A’ +20B —aA (5.7)
where:
b 1t(b b 1(tY( b
A=—(p,+p,+p)+=—| ——1| B=—(p, +p,0+05p,(1+6))+—| = | | —— ,
bw(pl ps+p,) ad(bw ] bw(pl Ps p,(1+3)) Za(dJ(bW J (5.8)

In Egs. (5.6)-(5.8) p1, p» are the ratios of tension and compression reinforcement, p, the ratio of
longitudinal reinforcement at the sides of the web between the tension and compression steel (all ratios
normalised to bd) and 6 = di/d the centroidal distance of compression bars from the extreme
compression fibres, normalised to d.

If there is no distinct compression flange, Egs. (5.6)-(5.8) are applied with b = b,,. If there is one, but
Egs. (5.7), (5.8) give a neutral axis depth, &, less than the compression flange thickness, t, then Egs.
(5.6)-(5.8) are (re-)applied in a simplified form, with b, taken equal to b.

If two beams parallel to the plane of column bending frame into opposite faces of node i, they should be
considered in turn with the top flange of one beam taken in tension and that of the other in compression.
Note that, although strictly speaking the effective width of the slab should be included in b when the
compression flange includes the slab, it makes little difference in the outcome of Eq. (5.6) if the web
width is taken as b, provided that this value is also used when p1, o2, pv are normalised to bd.

Concerning the cracked flexural rigidity of a column, EI. ¢, Eurocode 2 gives an approximation:
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foc(MPa) Kjl,
20 1+ Detf

Elceff =Esls +Ecq (5.9)

where Es and /s are the elastic modulus and the moment of inertia of the section’s reinforcement (which,
if unknown, may obtained at this stage from the minimum steel ratio of 1% in Eurocode 8) with respect
to the centroid of the section, /. is the moment of inertia of the uncracked gross concrete section and K;

is taken as:

:M:iﬂ!ﬁgolzo (5.10)
170 170 A foq i

2
A minimum value k; = 0.1 is recommended in Eurocode 2 at a column end where the column is fixed
against rotation (here at the base of the ground storey). Note that the column one storey above has its
lower end less restrained and hence may be more critical, despite its lower axial load. So, the minimum
column size meeting Eq. (5.3) throughout all storeys should be sought in the two lowest storeys.
As both the unknown effective length of the column, lo, and the size of its section (through ic and A)
enter in Egs. (5.3)-(5.5) and (5.9), (5.10) in an implicit nonlinear way, they have to be found by
iterations, after dimensioning the top beam reinforcement at the supports to determine Ely ef+.
Eurocode 2 allows to consider the building as braced in a given horizontal direction and to apply Eq.
(5.4b) in lieu of (5.4a), if it has walls with a total moment of inertia of the uncracked gross section in

that horizontal direction, Y1, which meets the following condition at the top of the foundation or of a

rigid basement:

Eg Yl
R/ gq <031t e lw (5.11)
’ Nt +16  H2,

where Fy gq is the total vertical load acting on all ng overlying storeys of the building throughout the
plan area and Hy the height of the walls above the top of the foundation or of a rigid basement.

Eqg. (5.11) presumes that the bracing walls are cracked. If it can be shown that they stay uncracked while
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performing their bracing function in the ULS combination of actions considered (i.e., for the “persistent
and transient” design situation, with factored permanent and imposed loads and geometric
imperfections), then the right-hand-side of Eq. (5.11) is multiplied by 2, reducing by 50% the minimum
required value of Y /,,. The bracing walls should be dimensioned at the ULS to resist the full lateral force
on the building due to the deviation from the vertical postulated in Eurocode 2.

If the building is laterally braced by walls meeting the criterion of the above paragraph in a horizontal
direction, then Eqg. (5.3) can be met with a column depth of reasonable magnitude in that direction (as in
the example building of Chapter 7); otherwise they may come out quite large (Fardis et al, 2012). Walls
which are collectively sufficient to laterally brace the building per the above paragraph, normally take a
large enough fraction of the elastic base shear for the lateral force resisting system to qualify as dual (be
it frame-equivalent). So, it is the columns of frame systems that are more severely penalised by the
Eurocode 2 rules on second-order effects. On the positive side, the resulting large columns of laterally
unbraced buildings, as well as the large walls necessary in braced ones, impart significant lateral force
resistance and stiffness, thanks to which a building may perform well in an earthquake it has not been
designed for (Fardis et al, 2012).

As pointed out at the closing of Sect. 5.2.3.1, in order to apply Egs. (5.6)-(5.8) the beam longitudinal
reinforcement should be known. This is possible only when the procedure in the present sub-section is
applied in the context of detailed design after the beams are fully dimensioned and the designer wants to
check if second-order effects may indeed be neglected. In that phase the value of Ngq to be used in Egs.
(5.3), (5.10) is the one from the analysis in EN1990's “persistent and transient” design situation. To size
the columns at the conceptual design phase, the procedure may be applied with the beam longitudinal
reinforcement estimated in the two lowest storeys for the purposes of Egs. (5.6)-(5.8): e.g. with p, =0,

and the top and bottom reinforcement taken from the corresponding maximum and minimum steel
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ratios, respectively, per Eurocode 8.
For a sample application of this Section to one of the columns of the 7-storey example building, see

Section 7.6.2.2.

5.3 Detailed design of beams in flexure

5.3.1 Dimensioning of the beam longitudinal reinforcement for the ULS in flexure

The top and bottom bars at the two ends of each beam are dimensioned for the ULS in flexure with no

axial force for the envelope of bending moments resulting from the analysis under:

(a) the combination of factored gravity loads (“persistent and transient design situation” per EN1990),
and

(b) the combination of quasi-permanent gravity loads, G+y,Q, with plus and minus the design seismic
action.

The beam seismic moments in (b) are the final outcome of the combination of the moments due to the

horizontal components of the design seismic action, Ex, Ey, per Egs. (3.99) or (3.100) in Section 3.1.7

and include the effect of the accidental eccentricities of these components (see Section 3.1.8).

The cross-sectional area of the top reinforcement, A, of each end region is dimensioned as the tension

reinforcement required for an acting moment, Mgy, equal to the maximum hogging moment at the

column face; normally in this dimensioning, combination (b), with the beam seismic moments taken as

hogging, controls over (a). The cross-sectional area of the bottom reinforcement, As,, is dimensioned as

the tension reinforcement for an acting moment, Meq, equal to that at the column face, or at a nearby

section where the sagging moment attains its maximum; in this case Mgq is obtained from combination

(b), but with the beam seismic moment taken as sagging. Besides, the main bottom bars of the beam are

dimensioned from a section around mid-span, normally where the sagging moment from combination
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(a) attains its maximum value within the span.

The cross-sectional area, As, of the tension reinforcement may be conveniently dimensioned from the
extreme value of the pertinent acting moment Meq (i.€., the extreme sagging moment for the bottom
reinforcement or the extreme hogging one for the top bars), by taking the internal lever arm of the beam
(between its tension and compression chords), z, as equal to the distance between the tension and
compression bars, d-d,, where d is the effective depth of the section and d, the distance of the centroid

of the compression bars from the extreme compression fibres:

A =M (f,,(d - ) (5.12)
where fyq is the design yield stress of steel. Note that the absolute value of Mgy is used; its sign
determines the side of the section (top or bottom) where the tension fibres are and the tension
reinforcement area, As, is placed.

Alternatively to Eg. (5.12), the reinforcement may be dimensioned with more strict adherence to the
assumptions in Eurocode 2 for the ULS in flexure without axial force for concrete grade, fe, up to 50

MPa. This altenative employs the dimensionless acting moment:
Hy Z‘MEd‘/(beffdzfcd) (5.13)

where be is the effective width of the compression flange and f.q the design strength of concrete. From

the value of x4, the mechanical ratio of tension reinforcement, defined as:

@ = A (Detd)- (fyalfea) (5.14a)
is computed as:
a):o.97{1—,/1— 24y J or (5.15a)
0.973
w=1—/1-2u, (5.15b)

Eqg. (5.15a) is obtained if the standard parabolic-rectangular o-¢ law of concrete is adopted for ULS
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design; Eqg. (5.15b) results, instead, from the rectangular stress block in the extreme 80% of the
compression zone. Neither of these expressions accounts for the presence of longitudinal bars in the
compression zone. It is necessary to account for it, if the dimensionless acting moment, uq, 1S SO large
that the — normalized to d — neutral axis depth, & reaches a value beyond which the tension
reinforcement is not even in the yielding state when the extreme compression fibres exhaust the ultimate
strain of concrete in ULS design for bending, &,z (= 0.35% for fo < 50 MPa), i.e., when ¢ reaches the
value:

8cu2
= 5.16
éllm gcuz + fyd / Es ( )

If the standard parabolic-rectangular o-¢ law of concrete is adopted for the ULS design, the limit value of
La corresponding to the value of ¢ from Eq.(5.16) is:
L im = 0.815(1—0.416,,,) (5.17a)
whereas, if the rectangular stress block in the extreme 80% of the compression zone is adopted:
U im = 0.85(1—0.4&, ) (5.17b)
The part of xq which exceeds the value of ugqim from Egs.(5.17) is assigned to a resisting moment

produced by compression reinforcement with cross-sectional area As' and a mechanical ratio defined as:

@' = Asl(Dered)- (fyalfea) (5.14b)
and computed from:
C()I: /ud _lud,lim (5.18)
1-d,/d

Then the tension reinforcement is obtained as:
w=w,,+a' (5.19)
where wiim is the value of w given by Eqgs. (5.15) for ug = q,im- The second term is the part of the tension

reinforcement needed to act as a couple with the compression reinforcement from Eq. (5.18).
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The required cross-sectional areas of the top and bottom reinforcement, As, Asy, are determined as

above, using as acting moment, Mgq, the extreme hogging moment for Ag and the extreme sagging one

for As;. The final value of As; should not be taken less than the compression reinforcement area, As),

obtained from the extreme hogging moment via Egs. (5.14b), (5.13) and (5.15) to (5.18) (if Egs. (5.13)

to (5.19) are used in lieu of (5.12)).

Eurocode 8 allows to count in Ag; the cross-sectional area, AAsgan, Of all slab bars which are:

— parallel to the beam,

— within the effective flange width in tension per Eurocode 8, which extends on each side of the web
beyond the face of the column parallel to the beam by the widths given in Section 5.2.2, and

— are well anchored within the joint or beyond.

However, the design of the beams in flexure is normally a separate procedure from the design of the

slabs; therefore, AAsgap is Not available at this phase of detailed design. So, most often the designer fails

to profit from this allowance, to reduce the amount of real beam top reinforcement by AAs sjan, Presuming

this convenient omission to be safe-sided. Indeed it is so for the ULS in flexure of the beam, but is

unsafe wherever the beam moment resistance is used as a demand in "capacity-design” calculations (see

Sections 5.3.4 and 5.4.1).

All the above apply to beams in pure bending, without axial load. As a matter of fact, the values of beam

axial forces which may come out of the analysis depend heavily on the modelling of the floor

diaphragms and/or the way the external lateral loads are applied to the floors. So, normally they are

fictitious and would better be neglected in dimensioning the beams. At any rate, the way to consider a

(real) axial force in dimensioning a beam for the ULS in flexure is presented in Section 6.3.8, on the

occasion of a postulated axial force for the design of tie-beams between footings.
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5.3.2 Detailing of beam longitudinal reinforcement

In translating As; and A, into a combination of bar diameters and numbers, the designer should respect
the detailing rules of Eurocode 8 summarised in Table 5.1. The rule at the fourth row concerning the
maximum ratio of tension reinforcement, pmax, is the only one of these rules which is not prescriptive; at
the same time it is the most restrictive: as the value of Ax to be accommodated within a given beam
width, b, cannot be reduced below what is necessary to resist the acting moment, Mgq, the best way to
meet the rule for pmax is by increasing the ratio of compression reinforcement, o, at the end section.

The bar diameters chosen should also respect the maximum allowed by Egs. (5.2) for a given section
depth, h, of the column where these bars are anchored (at exterior columns) or pass through (at interior

ones).

Table 5.1 EC8 detailing of the longitudinal bars in primary beams (in secondary ones as in DCL)

DCH DCM | DCL
“critical region” length at member end 1.5h H
in =Asmin/bd at the tension side 0.5F /i 0.26f /P, 0.13% @
ax =As max/bd in critical regions ) £+0.0018f ol (144qfya) © 0.04
As min, top and bottom bars 2014 (308mm?) -
As min, tOp bars in the span 0.25As top-supports -
As min, bottom bars in critical regions 0.5Aqt0p " | -
As min, bOttom bars at supports 0.25A bottom-span
anchorage length for diameter dy. ®  |lpg =ay[1-0.15(Cq/dbi-1)](dp/4)fya/ (2.25F gpoor) 17 OO

(1) fym (MPa) = 0.3(fu(MPa))?*: 28-day, mean tensile strength of concrete; fyc (MPa): nominal yield stress of
longitudinal steel.

(2) NDP (Nationally Determined Parameter) per EC2; the value recommended in EC2 is given here.

(3) p: steel ratio at the opposite side of the section; x4: curvature ductility factor corresponding via Egs. (5.64) to the
basic value of the behaviour factor, g, applicable to the design; &q = fyd/Es.

(4) This Asmin is additional to the compression steel from the ULS verification of the end section in flexure under the
extreme hogging moment from the analysis for the seismic design situation.

(5) Anchorage length in tension is reduced by 30% if the bar end extends by > 5d,. beyond a bend > 90°.

(6) cq: concrete cover of anchored bar, or one-half the clear spacing to the nearest parallel anchored bar, whichever is
smaller.

(7) ar = L-k(nwAsw-Astmin)/As > 0.7, with Ay, cross-sectional area of tie-leg within the cover of the anchored bar; n:
number of such tie legs over the length lpg; k = 0.1 if the bar is at a corner of a hoop or tie, k = 0.05 otherwise; As =
ndy 24 and Asmin IS specified in EC2 as equal to 0.25A.

(8) fe=fetk0.05/76= 0.7fctml 1= 0.21fck2’3lycz design value of 5%-fractile tensile strength of concrete.

(9) apoor = 1.0 if the bar is in the bottom 0.25 m of the beam depth, or (in beams deeper than 0.6 m) > 0.3 m from the
beam top; otherwise, apoor = 0.7.



83

The bars chosen on the basis of the two end sections and the one around mid-span where the span
bottom bars are determined, are terminated according to the positive and negative moment envelope;
they extend beyond the point where they are not needed according to the envelope by the "tension shift"
length z = 0.9d-d; in Eurocode 2.

Eurocode 2 considers the bar stress to drop off linearly along the anchorage length, I, (given at the last
row of Table 5.1), from fyq to zero. So, if the inclination of the moment envelope (i.e., the shear force, V)
exceeds the bar yield force, f,andy ?/4, times the ratio of the internal lever arm, z, to Iy (ie., if V >
(2.257f cg@poor) oL z/M{aw[1-0.15(cqe/dp -1)]} with the notation of Table 5.1), then the bar has to be further
extended by l,q beyond the point it is not needed according to the moment envelope. Otherwise, the bar
fully contributes along lyg in resisting the moment.

The full string of beams (“continuous beam”) in a frame should be designed in bending all together,
combining reinforcement requirements to the right and left of interior joints. It is also recommended to
combine different top or bottom bars into continuous ones, if their ends come close or overlap. To this
end, few bar sizes (even a single size) should be used all along each string of beams.

The rules in Table 5.1 for DC L do not apply to deep beams, defined in Eurocode 2 as those with depth,
h, less than one-third of their span. Eurocode 2 also requires skin reinforcement at the lateral sides of 1
m deep beams or deeper. For the purposes of detailing the beam longitudinal reinforcement, deep beams
may be defined as deep as the lesser of 1 m, or one-third of the span or deeper. Eurocode 2 prescribes an
orthogonal reinforcement mesh per lateral side of a deep beam, with maximum bar spacing which is the
lesser of 300 mm or twice the web thickness and cross-sectional area per side and direction not less than
150 mm?/m or 0.05% of the concrete area (i.e., 0.1% total for both sides). Much more demanding are the

requirements of Eurocode 2 for skin reinforcement placed to control cracking at the web of 1 m deep
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beams or deeper (see next Section). Note that the minimum ratio of tension steel, pmin, in row 2 of Table

5.1 is also to control potential cracking throughout the tension zone. However, if it is concentrated just at

the tension chord, its effectiveness in that role is reduced at points further away. So, if the beam is

deeper than 1 m, Eurocode 2 assigns that role to skin reinforcement distributed over the entire tension

zone. In that case, placing at the tension chord a quantity, Asmin, 0f minimum reinforcement equal to Pmin

times the full effective cross-sectional area, bd, would be not just duplication, but a waste. To avoid it, it

is recommended here for deep beams:

— to determine the minimum reinforcement concentrated at the tension chord, Asmin, S Pmin from row 2
of Table 5.1, times the product of b and a depth of 1 m;

— to distribute over the depth of the section horizontal skin reinforcement at a steel ratio of omin; that
reinforcement should also be dimensioned for crack control in the web, according to the next

Section.

5.3.3 Serviceability requirements in EC2 - Impact on beam longitudinal reinforcement

5.3.3.1 Introduction

Eurocode 2 includes important Serviceability Limit State (SLS) requirements concerning the level of
stresses in steel or concrete and the crack width under service loads, as well as the amount and form of
reinforcement necessary to control cracking due to non-quantified imposed deformations and other ill-
defined, often random, causes. These requirements are relevant to beams, but have very little to do with
seismic design; moreover, they are normally met by default in ordinary beams designed and detailed for
earthquake resistance. So, strictly speaking, they are outside the scope of this book. However, they often
control the longitudinal reinforcement in oversized beams, such as deep foundation beams, especially

those which double as perimeter walls of basements. As a matter of fact, in Chapter 7 they are applied to
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such elements of the example building and found to control their longitudinal reinforcement. For all
these reasons, and because there is still a gap for this topic in literature concerning the application of
Eurocode 2, these SLS requirements are highlighted here, alongside guidance on how to apply them to
beams. They are relevant to those regions of a beam where tension may build up under service
conditions: normally the top flange at the end sections of beams in the superstructure and the bottom one
in the span; the reverse in foundation beams.

For a sample application of Sections 5.3.2 and 5.3.3 to the beams and columns of the 7-storey example

building, see Section 7.6.2.1
5.3.3.2 Stress limitation SLS

The SLS of stress limitation imposes stress limits on concrete and steel under service conditions. The
limits are Nationally Determined Parameters (NDPs) with recommended values:
— under the "characteristic" gravity loads, G+Q:
= concrete stress, occ+o < 0.6fx;
= steel stress, os1,6+q < 0.8fy
— under the quasi-permanent gravity loads, G+y-Q:
= concrete stress, ocGry2q < 0.45fck.
Once the amount of tension, compression and web reinforcement in the beam section is determined on

the basis of Sections 5.3.1 and 5.3.2, etc, the above limits are checked as follows:

M
051,G+Q = Es =2 (1_§)d < O'8fyk (520)
Elb,eff

M +!
P —EIG © 4 <0.6f, (5.21a)

b,eff
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M
E,, —2 & <0.45f, (5.21b)

c,G+y2Q = cm
b,eff

o

where Es and En, are the elastic moduli of steel and concrete (mean values) and Ely s, ¢ are determined
from Egs. (5.6)-(5.8). As the actions causing these stresses are (almost fully) long term, it makes sense
to use in Egs. (5.6)-(5.8) the value a = (1+¢.)EJ/Ecm, With ¢, the final value of the creep coefficient.

This is safe-sided for o1, but reduces the estimate of o-..

5.3.3.3 Crack width SLS

The characteristic value of crack width, wg, under the quasi-permanent gravity loads, G+y»Q, is checked
against an upper limit value, Wmax, Which is an NDP, with a recommended value of 0.3 mm for the
common environmental exposure classes in buildings. According to Eurocode 2, for long-term loading

(such as the quasi-permanent gravity loads), wx may be computed as:

1+ apy J

] max&aﬂ,wm -04f,, )
eff

E

S

, 0'60-51,G+w2Q]

d
W, :1.7[2(0nom +d,,) +0.1-21m (5.22)

Pt

Coefficient 1.7 in Eq. (5.22) converts the mean estimate of the crack width to a characteristic value; the
term that follows is a semi-empirical best estimate of the crack spacing; the last term is an estimate of
the difference in mean tensile strains of steel and concrete between adjacent cracks. Concerning
symbols, c,om is the nominal concrete cover of the stirrup (minimum required for durability, plus a
tolerance of 10 mm), dpy the diameter of the stirrup, dp_mean the mean longitudinal bar diameter in the
tension zone and oy G+y2q the steel stress due to the quasi-permanent gravity loads, computed from Eq.
(5.20), using Mg+y2q instead of Mg-q. The tension steel ratio:

Peft = Ast/Aceft (5.23)

refers to the effective area of concrete in tension surrounding the tension reinforcement, Ag;. For sections
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in bending, with rectangular tension zone having width by, Eurocode 2 defines Ac e as:

A= min(Z.S%%jbw (5.243a)

where d; is the centroidal distance of Ay from the extreme tension fibres and h-&d the depth of the
tension zone. If Ag is spread in a well defined T- or L-shaped tension zone with flange width b and

thickness t, and if by, denotes the width of the web, then (Fig. 5.1):

A = min(2.5dl;%)bw + min(t; 2.5d1;%)(b -b,) (5.24D)

Note that, strictly speaking, the case of Eq. (5.24a) is not that of the effective flange width in tension
introduced in Section 5.2.2, which contributes to the hogging moment resistance of the beam's end
section with its slab bars. That concept is introduced in Eurocode 8, not in Eurocode 2, and refers to the
ULS, not the SLS. By the same token, the slab bars in that effective width in tension are not included in
Aq for the purposes of Eq. (5.23). A representative case where Eq. (5.24b) does apply is the strip footing

of the deep foundation beam of Fig. 7.42, with all eight of its longitudinal bars included in Ag;.

i

f
[

25d, | . oY

d;

yYv v

e o o o o o |t

» b :

Fig. 5.1 Effective concrete area in tension for crack control
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Eurocode 2 defines « for use in Eq. (5.22) as o = EJ/E.m. However, as the crack width is computed for
the quasi-permanent loads, it makes more sense to use the value a = (1+¢.)EJ/Ecm, as for Egs. (5.20),
(5.21).

Eurocode 2 differentiates the estimation of crack width in the web of deep beams where skin
reinforcement is placed (see the last parts of Section 5.3.2 above and 5.3.3.4 below): the coefficient in
front of dpmean/pess IN the term representing the mean crack spacing is 0.2, instead of 0.1; moreover, a
mean value of oy G+y2q Over the web is used, equal to one-half the maximum steel stress computed over

the section.

5.3.3.4 Minimum steel for crack control

Should cracking occur due to non-quantified imposed deformations or another ill-defined, possibly often
random, cause, the steel crossing the crack should be able to keep the crack width below the applicable
limit value, wmax. TO this end, its cross-sectional area in the tension zone, Asmin, Should be sufficient to
resist the tensile force released when the part of the so far uncracked section which is in tension cracks,
and, indeed, developing a steel stress, os, which is low enough to keep the resulting crack width below
Wmax. According to Eurocode 2, the usual limit value Wmax = 0.3 mm is achieved, if Asmin, develops a

stress, a5, which depends on the mean bar diameter, dy_mean, as:

— if 8 mm < dpLmean <12 mm: os(MPa) = 280 + 20x(12 - dpL mean) (5.25a)
- if 12 mm < dpi mean < 16 mm: os(MPa) = 240 + 10x(16 - dpL mean) (5.25h)
- if 16 mm < dpi mean <25 mm: os(MPa) = 200 + (40/9)%(25 - dpLmean)  (5.25C)
— if 25 mm < dpL mean < 32 mm: os(MPa) = 160 + (40/7)%(32 - dpLmean)  (5.25d)

If the tension zone in the uncracked section is rectangular, with width that of the web, b,,, and depth,

Yegts €qual to the distance of the centroid of the uncracked section to the extreme tension fibres, then, the
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minimum reinforcement of beams in flexure per Eurocode 2 is:

f
A%,min :0'4khbwycg,t = (5263.)

O

where ky reflects the reduction of the net tensile force in deep sections due to non-uniform self-

equilibrating stresses:

~ if  h<03m: kn = 1.0 (5.27a)
— if  03m<h<08m: ky=1.21-0.7h(m) (5.27b)
— if 08m<h: kn = 0.65 (5.27c)

If the tension zone in the uncracked beam has a T- or L-shape, and b and t denote the width and the

thickness of the tension flange, while b,y still stands for the width of the web, then:

A= [0.4khbwycgl + max[O.S; o.9k{1—2LJ J(bbw)t}h (5.26b)
o

cg.t s

where k; is the counterpart of k, for a wide tension flange:

— if  (b-by) <0.3m: ko = 1.0 (5.28a)
~ i 0.3m<(b-by) <0.8m: k= 1.21 - 0.7(b-by) (m) (5.28b)
— if  0.8m< (b-by): ky = 0.65 (5.28¢)

The rules in Eurocode 2 concerning the minimum skin reinforcement for crack control in deep beams

allow taking os = fyx and ky, = 0.5, giving a minimum ratio of horizontal web reinforcement:

P = 0.5K, e (5.29)

i
where k. reflects the distribution of stresses within the tributary area of the skin reinforcement - it is the
counterpart of 0.4 in Egs. (5.26a) and of 0.9kyp(1-0.5t/yeys) in (5.26b). The most adverse condition is a
uniform stress distribution, as in pure tension; then k. = 1.0. This gives the same minimum steel ratio as

listed at the second row of Table 5.1 for DC M or H beams, but this time distributed over the sides of the
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web. Eurocode 2 points out that, if the target is to control the crack width in the web to Wmax = 0.3 mm,
the value of o5 which corresponds to the diameter of the skin reinforcement according to Egs. (5.25)

should be used in Eq. (5.29), instead of fyy.
5.3.4 Beam moment resistance at the end sections

After dimensioning and detailing the beam longitudinal bars at the two end sections, the design values of
beam moment resistance at these sections are computed from the final cross-sectional areas of its
reinforcement. If there is only top and bottom reinforcement in the section, As; and A, the design values
of moment resistance in hogging or sagging bending, respectively, may be estimated as:
M, =min(A,, A, )f,.(h—d, —d,)+max0, (A, — A, )]f,.[h—d, —0.5(A, - A,)f,. /(b,f.,)] (5.30a)
My, = A, fo max|(h—d, —0.5A, f,, /(b f.)) (h—d, —d,)] (5.30D)
where:
— di, d; are the centroidal distances of Ag, As, from the top or bottom of the beam section,
respectively,
— bw, besr are the effective widths in compression of the bottom flange (normally that of the web) and

the top flange, respectively.
Often a simpler option is considered to provide sufficient accuracy:
Meao =2A, fo0 My, =7A, T, (5.30c)
where the internal lever arm, z, may be taken equal to 0.9d.
The values from Egs.(5.30) are used in the "capacity design™ of columns in flexure, Eq.(5.31), and for
the "capacity design" shears in the beam itself and the columns connected to it (see Egs. (5.42) and
(5.44), respectively). Eurocode 8 stresses that, whenever Eg.(5.30a) is used for these "capacity design"

purposes, the area, AAssap, Of all slab bars which are: a) parallel to the beam, b) placed on each side of it
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within the effective flange width in tension per Eurocode 8 (given in Section 5.2.2) and ¢) well anchored
within the joint or beyond, should be included in As;, no matter whether they are relied upon to provide
the tension reinforcement area, A, required for the ULS in flexure under the extreme hogging moment
according to Section 5.3.1 (see also second paragraph from the end of that section).

The moment resistance of deep beams, having uniformly distributed reinforcement between its top and
bottom ones, Aq and Asp, may be determined from Section 5.4.3, applicable to asymmetrically
reinforced column sections with uniformly distributed reinforcement along the lateral sides, by setting

the axial load equal to zero.
5.4 Detailed design of columns in flexure
5.4.1 Strong column-weak beam capacity design

To pursue the desired global ductility, Eurocode 8 promotes beam-sway mechanisms and takes measures
to prevent a soft-storey (cf. Sections 2.2, 4.5.2, 5.4.2). A soft-storey mechanism (Fig. 2.9(a)) develops in
a frame system when the top and bottom ends of (all) the columns in a storey yield in opposite bending
and start undergoing unrestrained flexural rotations there, without a notable increase of their bending
moments beyond the corresponding moment resistance, Mg (this is, in fact, how a flexural "plastic
hinge" is defined). The way to prevent soft-storeys in frames is by forcing flexural plastic hinges out of
the columns and into the beams, so that a beam-sway mechanism develops (Fig. 2.9(b) and (c)). To this
end, within any vertical plane in which a soft-storey is to be prevented, the two columns framing into a
beam-column joint from above and below are dimensioned to be jointly stronger by 30% than the (one,

two or more) beams connected to the same joint from any side (Fig. 5.2):

ZMRd,c Zl'szMRd,b (5.31)

where:
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—  Mrgdc: design value of column moment resistance at the face of the joint, in the vertical plane of
bending in which a soft-storey is to be prevented (i.e., with moment vector at right angles to that
plane), with the sum referring to the column sections above and below the connection;

—  Mra,p: design value of beam moment resistance at the face of the joint, with the sum extending to all
beam ends connected to the joint; beams which are not in the vertical plane in which a soft-storey is
to be prevented but at an angle « to it, enter Eq. (5.31) with their Mgqp-value multiplied by cosa.

Normally Eq. (5.31) is checked within two orthogonal vertical planes. For the usual columns with

section composed of rectangular parts (including L- or T-sections, etc), these vertical planes are chosen

parallel to the column sides, facilitating the calculation of Mggc. In the most common case where the
beams connected to the column at the joint are parallel to the column sides, they have « = 0 in one of the

two horizontal directions in which Eq. (5.31) is checked and o = 90° in the orthogonal one.

column 1 column 1

uA Ll
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N MRet- A . M Ret +

~ ( v<p »> <. , >Y =
beam 1 ] \ L ) \ Eam 2 beam | ] ) ) [ |beam2
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A A
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v [y

column ZI I column J” I

Fig. 5.2 Sense of action of column and beam moment resistances around a joint in the capacity design
check of the column

The check of Eq.(5.31) takes place twice in each of the two vertical planes considered: first with both
column moments, Mgq,, acting clockwise on the joint in the direction about the normal to that plane and
then counterclockwise (Fig. 5.2). Beam moment resistances, Mgqyp, are taken to act on the joint in the

opposite sense with respect to those of the columns. The values of Mgrgp may be calculated from Egs.
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(5.30); the beams connected to one side of the joint with respect to the normal of the vertical plane are
hogging and their Mgq-value is computed from Eq.(5.30a); those connected to the opposite are sagging
and Eqg. (5.30b) is used for them.

For the application of Eq. (5.31), see Examples 5.1 and 5.2 at the end of the Chapter.

The calculation of column moment resistance, Mgq,, for known column reinforcement and given axial
force, N, is addressed in Section 5.4.3. The value of N to be used in this calculation should be the most
safe-sided for the fulfillment of Eq. (5.31), notably the minimum compressive or maximum tensile force
in the range of values derived from the analysis for the "seismic design situation™. In general, this
extreme value of N is obtained by subtracting from the axial load due to the quasi-permanent gravity
loads, G+y,Q, the value of N due to the design seismic action. However, the application of this general
rule should be physically consistent with the sense of action (clockwise or counterclockwise) of > Mgqp
in Eq. (5.31), and hence its value. Section 5.8.6 deals in more detail with the value of N in capacity
design calculations.

Eq. (5.31) is called "capacity design™ of columns in flexure, because the demand for the required (design
value of) column moment resistance, Mgqc, IS NOt an action effect from the analysis, but the (design
values of the) “capacities”, Mgqp, at the locations where plastic hinges are allowed (even promoted), in
this case at the beam ends. This design rule employs only equilibrium (of moments) and is independent
of the magnitude of the design seismic action; so, it achieves its goal for any earthquake, no matter how
strong it is. Note at this point that, although the equilibrium of moments is meant to refer to the "centre"
of the joint, where the beam and column axes theoretically intersect, the transfer of Mgy, Mgrdp, from
the faces to the centre of the joint is omitted in Eq. (5.31) for convenience. This is safe-sided, provided
that 1.3hy/he > Ha/Lg, with hy, he denoting the cross-sectional depths of the beam and columns,

respectively, and L, Hc the average clear span of the beams on either side of the joint, or the average
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clear storey height above and below it, respectively, all in the vertical plane in which Eqg. (5.31) is

checked (see Fardis (2009)).

Eurocode 8 exempts the following cases of columns from the enforcement of Eq. (5.31):

1. In the horizontal direction(s) where walls take at least 50% of the elastic base shear, i.e., the system
qualifies as a wall system or a wall-equivalent dual one; the reason is that a wall (be it with the
minimum length-to-thickness ratio of 4 per Eurocode 2) is very unlikely to yield in counterflexure at
both the top and bottom sections in a storey (Fig. 2.9(d), (f)); so, if there are plenty of them in a
horizontal direction, they prevent soft-storey mechanisms.

2. Around the joints of the top floor, no matter the structural system; one reason is that it makes little
difference for the plastic mechanism whether the plastic hinge forms at the top of a top storey
column, or at the ends of the beams connected to it; another reason is the good ductility of the top
storey columns thanks to their low axial load; note also that it is hard to meet Eq. (5.31) with only
one column section at the left-hand-side.

3. In two-storey buildings of any structural system, provided that none of the ground storey columns
has axial load ratio, vq4 = Ng/(Acfcq), above 0.3, for the maximum column axial load, Ng, in any
combination of the seismic design situation (design seismic action plus concurrent gravity loads,
G+y»Q); such columns have sufficient ductility to withstand concentration of the entire deformation
demand in one storey instead of two, with consequent doubling of the ductility demand in ground
storey columns.

4. In one-out-of-four columns per plane frame with columns of similar size, in a horizontal direction
not exempted from Eq. (5.31) on the basis of 1 above; it is worth profiting from this exemption at
interior joints rather than at exterior ones, where a beam frames from one side only and Eq. (5.31) is

easily met.
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Eurocode 8 presumes that a plastic hinge will form at any column end where Eq. (5.31) is not checked
thanks to the exemptions above and requires to detail these plastic hinge regions so that they can
develop significant inelastic deformations after plastic hinging. In fact, the same detailing rules apply in

these regions as those applied at the base of the column — where a plastic hinge is allowed anyway.

5.4.2 Dimensioning of column vertical reinforcement for action effects from the analysis

The base section at the bottom storey of a column (the connection to the foundation), as well as all
columns exempted from the capacity-design rule, Eq.(5.31), are dimensioned for the ULS in biaxial
flexure with axial force, using triplets My-M,-N from the analyses for the combination of the design
seismic action with the quasi-permanent gravity loads, G+y»Q. This is combination (b) in Section 5.3.1
for the seismic design situation; combination (a) is normally not critical for the dimensioning of primary
columns and may be ignored.

The column sections right above and right below a beam-column joint are served by the same vertical
bars. Besides, as pointed out in Section 5.2.3.1, it is good practice to avoid changing the column section
from one storey to the next. So, these two sections are dimensioned as a single one, for all My-M,-N
triplets that the analysis gives for them in the seismic design situation, each triplet being the single triplet
due to the quasi-permanent gravity loads G+y»Q plus a seismic one (see Section 5.8 for the number and
composition of the seismic triplets, depending on the analysis method and the use of Eqg. (3.99) or
(3.100)). Most critical of all triplets is the one giving the largest amount of reinforcement in one of the
two sections; however, it is not easy to screen out non-critical ones. Generally, for the usual range of
values of the dimensionless axial load, Ng/Acf.q, most critical among triplets with similar biaxial
moments is the one having the lowest axial compression.

There are several iterative algorithms for the ULS verification of sections with any shape and amount

and layout of reinforcement for a combination My-M,-N. They employ section analysis and the c-¢ laws
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used for design (elastic-perfectly plastic for steel, normally parabolic-rectangular for concrete) to find
the strain distribution which satisfies equilibrium. It is checked then whether, in that strain distribution,
the conventional ultimate strain of concrete, ¢, is exceeded at the corners of the section. However,
there is no general algorithm for the direct calculation of the section reinforcement for a given My-M,-N
triplet. The traditional manual approach with design charts is not practical for the large number of
columns of a real building; it is also very restrictive for the bar layout and the steel grade. A practical,
yet approximate, step-by-step computational procedure is proposed in the following paragraphs for the
direct dimensioning of symmetrically reinforced rectangular sections under a set of My-M,-N triplets.

1. The mechanical reinforcement ratio, wiqg= As/(bd)-(fya/fca), Of the steel bars placed along each one of
two opposite sides of the section of length b, is estimated under uniaxial moment, M, with axial
force, N, neglecting the orthogonal moment component; d-is the effective depth at right angles to the
vector of M (cf. Egs. (5.13)); each layer of bars with cross-sectional area As; is at centroidal distance
d; from the nearest side of the section of length b. M, N and d; are normalised as:

1y =M /bd?f,), v, =N/(bdf,), &, =d,/d (5.32)

Section analysis is used, with the material o-¢ laws and criteria adopted in Eurocode 2 for the ULS
design:

o elastic-perfectly plastic steel, with a yield stress of f,q and unlimited strain capacity;

e parabolic-rectangular o-¢ law for concrete, with design strength feq at strain ec,, with ultimate

strain gy, (for fox <50 MPa, e, = 0.002, £¢2 = 0.0035).

Depending on the value of the dimensionless axial load, vq, there are three possible cases:
() The most usual case is to have the tension and the compression reinforcement past yielding:

51 Eeuz €2 /3 =v, < Vg <V, = M (5333_)

Eeuz ~€yd Ecuz T Eyd
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where &yq = fya/Es. Then, the neutral axis depth, x, normalised to d as &=x/d, is:

fe vl (5.34a)
1 _ c2
38cu2

to be substituted in terms of vq4 in the following equation, to be solved directly for wiq:

R et e ]| (5.352)

(i) The second commonest case is to have the tension bars yielding, but the compression ones
elastic; this happens if vq is less than v,, as given at the left-hand-side of Eq. (5.33a):

v, <5, far "8 /8 _ (5.33b)

Ceuz — gyd

Then £and w; are related to the dimensionless axial force and moment through:

{ _&}52 —[Vd reo, (1_ ez J]f—wm Eap0) _0 (5.34b)
3gcuz gyd 8yd

1-4,) €08 |_, _Al-C & [l . s 5.35b
= [1+ - ] o 4{ - Secuz(z é+4ngéﬂ (5.35b)

By replacing w14 from Eq.(5.35b) into (5.34b), a strongly nonlinear equation is obtained for &, to
be solved numerically-iteratively; w14 is then determined from Eqg.(5.35b).

(iii) The most rare (and undesirable) case is to have yielding compression bars and the tension ones
elastic; this happens if vq exceeds vy, given by the right-hand-side of Eq.(5.33a):

Ecuz —Eca /3 <

v, = vy (5.33¢)

8cu2 + gyd

Then £and w14 are related to each other and to vq, g, through:

S N YO BT | Fp T (5.34c)
3gcuz €yg Eya
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W, M[LLﬁc_uZJ:ﬂd _§|:ﬁ_8;2(1_5+8;zéﬂ (5.35¢)
2 S &y

Substituting for wig in Eq. (5.35b) the expression from (5.35c), a highly nonlinear equation
results for & to be solved numerically-iteratively; w14 is then determined from Eq. (5.35c).

2. The procedure in step 1 above is applied first with all M/-N pairs in the set of My-M-N

combinations, with b the side length parallel to the vector of M, and dimensions d, d; at right angles

to it. The most critical pair gives the total area of reinforcement, Asy, along each side parallel to the
M,-vector. This is repeated with all M,-N pairs and the roles reversed, to find the total area of
reinforcement, A, along each one of the two other sides — those parallel to the M,-vector. As the
M,-N pair from which A, is derived most likely does not belong in the same My-M,-N combination
as the pair M,-N giving A, these reinforcement requirements are superimposed on the section and
translated into a bar layout meeting the Eurocode 8 detailing rules in Table 5.2 for column vertical
bars, with the corner ones counting to both sides (Fig. 5.3).

Table 5.2 EC8 detailing rules for vertical bars in primary columns (in secondary ones: as in DC L)

DCH | DCM™M DCL
Omin = Asmin/ Ac 1% 0.1Ng/Acfyg, 0.2%
Omax = Asmaxl Ac 4% 4% @
diameter, dy. >8mm
number of bars per side >3 >2
spacing along the perimeter of bars i
restrained by a tie corner or hook =150mm <200mm
distance along perimeter of unrestrained
bar to nearest restrained one <150mm
llap splice length @ lo =1.5[1-0.15(Ca/dp -1)Jas (Ao /4)fyal (2.25f g) & ) O

(1)NDP (Nationally Determined Parameter) per EC2; the value recommended in EC2 is given here.

(2) Anchorage length in tension is reduced by 30% if the bar end extends by > 5dy. beyond a bend > 90°.

(3) cq: minimum of: concrete cover of lapped bar and 50% of clear spacing to adjacent lap splice.

(4) ay =1-k(2nwAsw-Ast min)/As, With k = 0.1 if the bar is at a corner of a hoop or tie, k = 0.05 otherwise; Asw:
cross-sectional area of a column tie; n,: number of ties in the cover of the lapped bar over the outer third of
the length lg; A = ndy, /4 and As tmin IS Specified in EC2 as equal to A..

(5) fe=fetk0.05/ 7= 0. 7fem/ 3e = 0.21fck2’3/7/C : design value of 5%-fractile tensile strength of concrete.
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My

Fig. 5.3 Dimensioning of reinforcement in column section for biaxial moments with axial force

3. Ifavailable, an iterative algorithm may be used in the end to verify that the section with the selected
layout of reinforcement satisfies the ultimate strain of concrete, &2, under any one of the My-M,-N
triplets. If it does not, one bar may be added to each side, till the section meets the verification
criteria.

The procedure above can be applied to sections composed of more than one rectangular parts,
orthogonal to each other (L, T, etc.). In Step 1 such a section is replaced by an equivalent rectangular,
having cross-sectional area the same as the actual one and the same effective depth at right angles to the
vector of the uniaxial bending moment considered. The reinforcement areas, Asy and As;, coming out of
this exercise are distributed along the corresponding extreme tension and compression fibres of the
section, while meeting the detailing rules in Table 5.2. If Step 3 is carried out, it should be done for the
actual cross-sectional shape and bar layout.

"Capacity design™ through Eq.(5.31) normally governs over the ULS verification in biaxial bending and

axial force using the action effects from the analysis for the seismic design situation. So, if Eq.(5.31)

should be met at a joint, it makes sense to use it from the outset as the basis for dimensioning the column
vertical reinforcement, instead of the analysis results. To this end, in Step 1 above, each uniaxial

moment from the analysis is replaced by half the maximum value of the right hand side of Eq. (5.31) for
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clockwise or counterclockwise beam moments on the joint in the vertical plane of bending of interest,
I.e., at right angles to the pair of column sides where the so-computed reinforcement is arranged. Step 1
is repeated with half the maximum value of the right hand side of Eqg. (5.31) in a vertical plane of
bending orthogonal to the first one, to determine the reinforcement along the other pair of sides of the
section. As pointed out in Section 5.4.1, the value of the column axial force to be used is the minimum
compressive or the maximum tensile one over the combinations in the seismic design situation which
produce N-values consistent with the sense of action of the >Mggp 0On the joint — clockwise or
counterclockwise; it is normally different for the two directions of bending.

To avoid the onerous ULS design/verification of sections in biaxial bending with axial force, Eurocode 8
allows to replace it with separate uniaxial verifications, but under pairs (M,/0.7)-N and (M,/0.7)-N, i.e.,
with the moments increased by 43%. Unless M, = M,, this simplification is too conservative (especially
if seismic action effects are obtained from Eq. (3.100) in Section 3.1.7). So, if the computational
capability of a truly biaxial verification is available, there is no need to resort to this uniaxial
approximation. Note also that, normally, the detailing rules in Table 5.1 and/or rounding up of the
reinforcement required to meet the analysis results for the beams produce a value of >Mggp in Eq. (5.31)
which exceeds by more than 10% the beam capacity strictly necessary according to the analysis. So, if
"capacity design”, Eqg. (5.31), is met for the most safe-sided (minimum compressive or maximum
tensile) column axial force, the simplified uniaxial ULS verification per Eurocode 8 is also met
automatically; there is no reason to do both.

If "capacity design", through Eq. (5.31), applies at the top section of a column in the bottom storey, it
may give more vertical reinforcement there than at the base section of the same column, which is not
subject to "capacity design™ and is dimensioned only for the ULS in bending with axial force under the

action effects from the analysis for the seismic design situation. If so, it is good practice to place at the
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base section the same reinforcement as at the top. Indeed, this is required in Eurocode 8 for DC H
buildings. This ensures that, after plastic hinging at the base of the column, the moment at the top will

not increase to much larger values than at the bottom.

5.4.3 Calculation of the column moment resistance for given reinforcement and axial load

This section is about the design values of the ULS moment resistance of a column, Mgq, to be used in

Eg. (5.31) and in the other "capacity design™ calculations of Section 5.5.

In rectangular sections Mggq  refers to centroidal axes parallel to the sides. The assumptions made in the

previous Section apply. The same for the notation introduced there, including Egs. (5.32). Additional

notation is introduced here for the reinforcement (the same as the one used in Section 5.2.3.4 for Eq.

(5.6)):

— The mechanical reinforcement ratio wiq =Ax/(bd)(fya/fcs) refers to the tension flange only; for
generality, the compression flange may have different reinforcement, As, with mechanical ratio
w23d=Aso/ (bd)-(fyalfeq); its centroidal distance from the extreme compression fibres is still d;.

— There are intermediate bars between the tension and compression reinforcement, uniformly
distributed along the length (h-2d;) of the cross-sectional depth h; their total cross-sectional area, Ay,
is taken smeared along that length, with mechanical reinforcement ratio:

@va= A (bd)-(fyoffec) (5.36)
Only one-half of each corner bar is included in Ag; or As; the other half counts as part of As,.

There are three cases (i)-(iii), analogous to those in Section 5.4.2, but generalised to accommodate the

more general reinforcement layout:

() Tension and compression reinforcement yield, if the normalised axial load is in the range:
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1 cu2 cu2 yd
(5.37a)
w Ecuz —Eya &, — €., 13
V| =W,y — @y + vd cu _51 4 Zeuz  %c2 7Y
1_51 cu2+8 8cu2+8yd

The design value of moment resistance is:

MRd,c _
bd?f,
e . Lo ) (5.38a)
176 &y | L 2 Wy + Wy SY1—&) = by
f{ > 3%2[2 . éﬂ 5 [(5 )L-<) ( ”
with the normalised neutral axis depth computed from:
&= (1_51)("11 + @y _de)+(l+51)wvd (5398.)

(- 51)(1— Eoz j +20,,
3‘("cuz

(i) The tension bars yield, the compression ones are elastic, if vq is less than v, from Eq. (5.37a):

+ —
v, < @,y — o, " @, 4 (5 cu2 8 1} + 51 8:'2—802/3 =v, (5.37b)

1_51 u2 _gyd 2 _gyd

Then the design value of the moment resistance is:

MRd,c _ 1_5 € _ Eeo (l 5) é (51 8cu2
bd*f_, —g{ 2 380u2( §+48 < 2 ©ia T as ¢ ey ’

- Hu x j B }{u Fan (—5 — ]][1— % Ef(u L ﬂ
4(1_ 51) Eeuz €yq 5 3 3 )

with & the positive root of the equation:

(5.38D)

Eco Wy ( Eouz t Eyq 2 Coz | W Eoup W40 | Eou
- + - v, +o, —o +—|1+=56, |[{-| 0,y — = |—0,=0
3., 20-0) &8, }: { ¢ T 1—51( € 1}]5 { % 2(1—51) ey

yd yd
(5.39b)
(iii) The third case is to have the compression bars yielding and the tension ones elastic; this happens

if vq exceeds v; at the right-hand-side of Eq. (5.373):
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w4 P {gcuz_gyd _51J+L802/3gvd (5.37¢)

Then:

MRd,c _€g|:1;é_ ) (1_4:4_4802 é:J:|+ (1_51)(601(1 1_6(%—“2-{—602(‘}4'

bd?f, 3¢, | 2 w2 2 & ey, (5.35¢)
(0 1_5(1_&} 1+‘9°_U2[ﬁj 3_51 +E§(1_ Eyq j
4(1_51) Eeuz Eya é{ 3 3 )
with £ the positive root of the equation:
1— €e2 _ Wy (gCUZ ~Ey )2 52 +lw. +w ) —v o+ Wy gc_u2_5 |, + Wy ‘("C_UZZO
3‘("(:uz 2(1 - 51) gcuzgyd “ . 8yd ‘ 1 - 51 gyd ' . 2(1 - 61) 8yd
(5.39¢)

Note that v; at the right-hand-side of Eq. (5.37a) and the left-hand-side of (5.37c) is the dimensionless
“balance load”. For that value of vy, Egs. (5.38a) and (5.38c) give the maximum possible value of Mggc
that the section can develop. As we will see in Section 5.5, this moment resistance at “balance load” is
of interest for the capacity design shears of beams and columns.

For an application of the above to a rectangular column section, see Example 5.3 at the end of the
Chapter.

If the cross-section consists of more than one rectangular parts in two orthogonal directions (L-, T- or C-
sections, etc), it is convenient to compute the moment resistance, Mrqc, With respect to centroidal axes
parallel to the two orthogonal directions of the sides, since the beams connected to the column are
parallel or normal to the sides of the rectangular parts. If an iterative algorithm of the type mentioned in
Section 5.4.2 (e.g., at Step 3) is available for the ULS verification of sections with any shape and
reinforcement layout under any My-M,-N combination, it can be used for the calculation of Mgqc, by
setting the strain all-along the extreme fibres of the compression flange equal to &, and searching for a

neutral axis depth that equilibrates the axial load N. If such an algorithm is not available, Mgy, may be
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estimated considering the section as rectangular, with width b being that of the compression flange. This
is acceptable, if the width of the compression zone is constant between the neutral axis and the extreme
compression fibres (i.e., the compression zone lies within a single one of the rectangular parts of the

section).

5.5 Detailed design of beams and columns in shear

5.5.1 Capacity design shears in beams or columns

The monotonic or cyclic behaviour of concrete members in flexure is fairly ductile: after flexural
yielding they can sustain significant inelastic deformations (i.e., rotations), with little loss of moment
resistance. Their inherent flexural ductility can easily be improved further, by using dense, closed
stirrups, or similar types of transverse reinforcement, which laterally confine the concrete and prevent
the longitudinal bars from buckling. By contrast, concrete members are inherently brittle in shear,
whether monotonic or cyclic: if they reach their shear resistance before yielding in flexure, they suffer a
drastic and often sudden drop in resistance right after its peak. For this reason, shear failure of members
before flexural yielding should be prevented by all means. Eurocode 8 accomplishes this goal by
enforcing "capacity design™ of all members in shear. Capacity design of beams or columns in shear is a
more straightforward and effective application of the "capacity design” concept than that in Section
5.4.1 for columns in flexure. The present Section will show that, once plastic hinges are presumed to
form at the relevant member ends, equilibrium of moments suffices to establish the maximum possible
shear force in the member which is physically permitted by the "capacities”, Mggq, Of the plastic hinges.
By designing against this "capacity design" shear, instead of the shear force from the analysis for the
seismic design situation, we preclude shear failure of the beams or the column not only before flexural

yielding, but also afterwards; indeed indefinitely, for any level of earthquake.
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Fig. 5.4 End moments considered for the capacity design in shear of: (a) an isolated beam; (b) a beam
connected to columns with plastic hinging around the joint at the beam or the column ends; (c) a column
connected to beams with plastic hinging around the joint at the column or the beam end

With the internal forces at beam ends in Fig. 5.4(a) taken as positive, equilibrium of moments about one

end gives the shear force at the other:

M, +M,

IcI
M, +M,

V, = Vg+\|/q,2 - |

cl

(5.40a)

(5.40D)

where Vgiyq1 and Vgiyq2 are the moments of the transverse load acting between the two ends with
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respect to end 2 or 1, respectively, divided by the clear span of the beam, Iy (i.e., the reactions to this
load when the beam is simply supported). The maximum value of V; develops when M; and M in the
sum Mj+M;, both attain their maximum possible positive values; when M; and M, attain their
algebraically minimum negative values, V- reaches its minimum possible value.

If the beam is connected at both ends to stronger columns, which satisfy Eq.(5.31) without the 1.3 factor,
the maximum possible positive values of M; and M; are the corresponding moment resistances, taken for
convenience as equal to their design values, Mggq, times an overstrength factor, yrq >1.0. Accordingly, in

Eq.(5.40a) we take:

M1 = yrdM Rd b1, M2 = yrdM Ed,bz (5.41a)

and in (5.40Db):
M1 = -7rM Rq b1, M2 = -yrdM R b2 (5.41b)

Using in Egs. (5.40a), (5.40b) the values of M;, M, from Eqgs. (5.41a), (5.41b), respectively, we obtain
the maximum possible (“‘capacity design”) shears at ends 1 and 2, respectively, of a beam which is
weaker than the columns it is connected to.

Beams connected to weaker columns (i.e. not satisfying Eq.(5.31) without the 1.3 factor) will most
likely not develop plastic hinges at their ends before the columns. Assuming that at end i (: 1, 2) of the
beam the beam moment is negative and that the sum of the beam design moment resistances around the
joint exceeds that of the columns in the sense associated with negative beam moment at that end, M rg pi
in Eq.(5.41a) should be replaced by the beam moment at column hinging above and below the joint at
end i. Assuming that the moment input from the yielding columns to the elastic beams is shared by the
two beams connected to the joint in proportion to their own moment resistance, the beam moment at end
i after the columns yield can be taken equal to M rgpi[ZMRd,o/ZMRrdpli < M'ra,bi, With ZMggq referring to

the sections of the beam across the joint at end i and XMggq being the sum of moment resistances of the
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column above and below the joint, for bending in the vertical plane of the beam (for columns with sides
at an angle  to that plane, the Mgqc-values with respect to centroidal axes parallel to the sides in ZMgq,c
multiplied by siny). Similarly for the positive sense of bending of the beam at end i. So, a rational
generalisation of Egs. (5.40), (5.41) for the design value of the maximum shear at a section x in the part

of the beam closer to end i (with j denoting the other end of the beam) is (see Fig. 5.4(b)):

M M
Trd MRd,bimin{l; ZRdCJ +Meyy min(l; 2 Rd’CJ
2 Mg i 2 Mey, J.
Vgipao(X)

I g+yq,0
cl

maxV, ,(x) = (5.423)

where:

— all moments and shears enter as positive;

— if MRqpi acts on the joint in the clockwise direction, so does (XMggp)i, but (ZMgqc)i acts on the joint
in the counterclockwise direction;

—  Vgryqo(X) I the shear force at cross-section x due to the quasi-permanent gravity loads, with the
beam simply supported (index: 0); if the gravity load is not uniformly distributed along the beam, it
may be conveniently computed from the results of the analysis of the full structure for these gravity
loads alone: then Vgiyq0(X) may be taken as the shear force V,.,q(X) at cross-section x in the full
structure, corrected for the shear force (Mg+yq,1-Mg+yq2)/la due to the bending moments Mg:q,1 and
M,+yq.2 at the beam end sections 1 and 2 in the full structure;

— yra= 1.2 for beams of DC H and yrq= 1 for DC M.

With V.yq.0(X) taken positive at sections x in the part of the beam closer to end i, the minimum shear in

M M
Yra| M Rd,bi+ min(]-; Z Ra.c J +Megy min(l; Z Rd.c ]
ZMRd,b , ZMRd,b J.

that section is:

minV,, (X) = -

+V4, 00 (X) (5.42b)

cl
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The moments and shears at the right-hand-side of Eq.(5.42b) being positive, its outcome may be positive
or negative. If it is negative, the shear at section x may change sense of action during the seismic
response (from down- to upwards, or vice versa). We will see in Section 5.5.3 that, in the dimensioning
of the transverse reinforcement of beams in DC H buildings, Eurocode 8 uses the ratio:

_ minVi, (X))

 maxVig (%) (5:43)

as a measure of the reversal of shear at end i (similarly at end j).

Eq. (5.42a) gives safe-sided results even in a situation when the positive plastic hinge develops not at the
very end j of the beam but at a point nearby, where the available moment resistance in positive bending
is exhausted for the first time by the demand moment under the combination of quasi-permanent gravity
loads and the seismic action that causes beam or column yielding — whichever occurs first — around the
joint at end i.

Owing to the transverse gravity loads on the beam and the — in general — different longitudinal
reinforcement of its two ends, the value of the capacity design shear from Eq. (5.42a) varies along the
beam. The absolutely maximum value of shear at a certain cross-section x, maxV;4(x) from Eq. (5.42a),
is in the same direction (down- or upwards) as the shear at x due to the quasi-permanent gravity loads in
the simply supported beam, Vg:yq,0(X); the absolutely minimum, minVjq(x) from Eq. (5.42b), is in the
opposite direction; maxVigq(x) and minV;4(x) take place when the beam exhausts at end i its moment
resistance in hogging or sagging bending, respectively.

If a beam is not connected at end i to a beam-column joint, but is ("indirectly™) supported on another
beam or girder, it is not expected to develop sizeable seismic moments there, let alone its moment
resistance under seismic loading. The capacity design shear along the beam may then be estimated by
replacing M rgpi OF Mrapi in Egs. (5.42) with the moment at end i under the quasi-permanent gravity

loads alone, M., (taken positive if it induces tension to the same flange of the beam as the moment
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resistance it replaces, or negative otherwise).

The picture is much simpler in columns, as there is no transverse load between the two ends; so the
capacity design shear is constant all along the column. The design shear force parallel to a set of sides of
a column, having clear height H within the plane of bending (in general, equal to the distance of the top
of the beam or slab at the base of the column to the soffit of the beam at the top), symmetric cross-
section and reinforcement (so that Mgg  is the same clockwise or counterclockwise) and ends indexed by

1 and 2, is given by a parallel to Eq.(5.42a):

M M
7rd| MRde1 min[l; 2Mpap J +MRpyc2 min[l; 2 Mg J
Z M Rdc /1 Z M Rdc /o

Hcl

VCD,C = (544)

Mra.c1 and Mgg 2 are moment resistances with respect to centroidal axes at right angle to the shear force
being computed. The possibility of having plastic hinges at the end(s) of the column itself or in the
beams connected to it is taken into account (Fig. 5.4(C)); Mg refers to the sections of the column
above and below the joint and XMggqp to the beam sections on opposite sides of it (for a beam at an angle
a to the column shear force being calculated, Mgqp enters ZMgqgp multiplied by cosa); the sense of action
of TMRq ¢ On the joint is the same as that of Mggq i, while that of ZMgqy, IS Opposite.

Eurocode 8 specifies yrq= 1.3 for columns in buildings of DC H and yrq= 1.1 for those of DC M.

For the largest absolute value of the beam capacity design shear from Eqg. (5.42a) and the algebraically
minimum value of {'in Eq. (5.43), the values of XMgq to be used in Egs. (5.42) should be the maximum
ones within the range of fluctuation of the column axial load from the analysis for all combinations of
the design seismic action with the quasi-permanent gravity loads. The maximum moment resistance,
Mga.c, is normally obtained from the maximum compressive force in that range of N, i.e., the value of N
due to the quasi-permanent gravity loads, G+y»Q, plus the value due to the design seismic action.

However, if that sum exceeds the "balanced load" v;bdf.y (see right-hand-side of Eq. (5.37a) or left-
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hand-side of (5.37c) in Section 5.4.3 for v1) Mgy, is taken equal to the moment resistance at “balance

load” mentioned after Eq. (5.39¢).

Concerning the capacity design shear of columns, Vcp from Eq. (5.44), as we will see in Section 5.5.4,

the shear capacity of a column per Eurocode 2 increases with increasing axial compression. To find

which one is the most critical shear verification of the column, we may have to consider more than one
possible axial force values for Mrqgi (i = 1, 2) in Eq. (5.44), namely:

1. The minimum compression, which normally minimises the demand, Vcp,, and the capacity, Vrqc.

2. The maximum compression, which maximises Vgrq. and most often Vcp ¢ as well (except in case 3
below).

3. The "balanced load"™ mentioned in the previous paragraph, if it is less than the maximum
compression in 2 above; this "balanced load" maximises Vcp and gives an intermediate value of
VR,

More detailed guidance concerning the extreme values of N due to the design seismic action is given in

Section 5.8.6.

For an application of this subsection to a beam, see Example 5.4 at the end of the Chapter. For sample

applications of the sub-section and the rest of Section 5.5 to the beams and columns of the 7-storey

example building, see Sections 7.6.2.2 and 7.6.2.3.

5.5.2 Dimensioning of beams for the ULS in shear

Eurocode 2 uses for the ULS resistance in shear the variable strut inclination truss model: a model with
angle of inclination, @, of the compression stress field in the web with respect to the member axis which
varies in the range:

0.4 <tanf <1 (22°< 6 < 45°) (5.45)

According to this model:
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1. Transverse reinforcement with design value of yield stress fywg and geometric ratio pw = Asn/bush
(where Ag, Is the total area of transverse reinforcement with spacing sy along the beam) contributes a
shear resistance equal to:

VRd,s = pwb Zf

o2y COLO (5.46)
2. The shear resistance cannot exceed the following limit value, without failure of the web in diagonal

compression:
Ve max = O.SbWz[l—%j f., sin20 (5.47)

The design shear force at section x along the beam, Veqy(x), is the maximum of the two values:

— from capacity design, Eq. (5.42a);

— from the analysis for the gravity loads in the "persistent and transient design situation™.

The general procedure for dimensioning in shear a section x of a beam is the following:

1. Veq(x) is set equal to Vrgmax and Eq. (5.47) is inverted for a value of 6.

2. In the very unlikely case that Vrgmax is less than Veq(x) even for 0 = 45° the width of the web is
increased so that 6 < 45°.

3. In the very usual case when the condition Veq(X) = Vramax gives a 6-value below the lower limit in
Eq. (5.45), 6 is set equal to that limit.

4. The shear reinforcement is dimensioned by setting: Veq(X) = Vg s for the final value of 6.

5. Dimensioning of the shear reinforcement starts at a section at a distance d from the face of a
supporting column; the so-dimensioned shear reinforcement at the section is maintained to the face
of the column.

6. Apart from point 5 above, a reverse "shift rule" applies to the shear reinforcement determined at
section x: it can be maintained constant over a distance zcoté in the direction of increasing shears,

I.e., toward the nearest support.
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The above apply both to the "seismic™ design situation and the "persistent and transient™ one.
The shear reinforcement chosen should respect the detailing rules prescribed in Eurocodes 2 and 8,

summarised in Table 5.3.

Table 5.3 EC8 detailing rules for the transverse reinforcement of primary beams (in secondary ones: as
inDC L)

| DCH | DCM [DC L
outside critical regions
spacing, sp< 0.75d
=Ag/bush > (0.08f(MPa))/f,i (MPa) )
in critical regions
diameter, dp,> 6mm
spacing, S < 6du @, h/4, 24dp,, 175mm | 8dy. @, h/4, 24dy,, 225mm |-

(1) NDP (Nationally Determined Parameter) per EC2; the value recommended in EC2 is given here.
(2) dp.: minimum diameter of all top and bottom longitudinal bars within the critical region.

Apart from the special dimensioning rules for DC H beams highlighted in Section 5.5.3, the only
difference that design against seismic actions per Eurocode 8 or non-seismic ones per Eurocode 2 makes
for beams in shear is the special detailing prescribed in Eurocode 8 for the stirrups in the end regions
where plastic hinges are likely to form. These are termed “critical regions™ and a conventional length is
specified for them. The prescribed maximum stirrup spacing as a multiple of the longitudinal bar
diameter aims at preventing buckling of these bars.

The stirrup diameter and spacing are constant within each "critical region”, obeying the relevant
detailing rules in Table 5.3 and determined from the condition Vgq4(X) = Vrgs at a distance x = d from the
column face. A practical implication of the different detailing of “critical regions” is that shear
reinforcement in the rest of the beam is dimensioned from the condition Vgq4(X) = VRrgs at a distance, X,
from the column face equal to the "critical region” length plus zcotd. It is normally kept constant
between the “critical regions", as controlled by the most demanding section beyond a distance of zcoté

from their ends.
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5.5.3 Special rules for seismic design of critical regions in DC H beams for the ULS in shear

In DC H beams, additional Eurocode 8 rules differentiate further the dimensioning of “critical regions”
in shear from the rest of the beam. For the dimensioning of these regions in the "seismic design
situation”, Eurocode 8 sets in Egs. (5.46), (5.47) the strut inclination, #, equal to 45°. This choice (i.e.,
tand = 1) gives the minimum value of Vggs in the range of 6 per Eurocode 2, Eq. (5.45). It amounts to a
classical Mdorsch-Ritter 45°%truss for the design in shear without a concrete contribution term. The
reason of this choice is that in plastic hinges the shear resistance due to the transverse reinforcement
decreases with increasing inelastic cyclic deformations (Biskinis et al, 2004); the magnitude of these
deformations is significant in beams of DC H. Despite this apparently large penalty on Vgqs, the density
of beam stirrups in the “critical regions” of DC H beams is usually controlled by the detailing
requirements at the last row of Table 5.3.
Another aspect where shear design in “critical regions” of DC H beams deviates from the Eurocode 2
rules in Section 5.5.2 is the use of inclined bars against shear sliding at the end section of a beam at an
instant in the response when the end section is cracked through its depth and the shear force is high. This
may happen if the shear force has large reversals and a high peak value. Because a through-cracked
section is not crossed by stirrups, Eurocode 8 requires for it inclined bars against sliding shear, if, with ¢
from Eq.(5.43), both of the following criteria are met:
-1<¢<-05 (5.48)
maxVig> (2+¢)fcabwd (5.49)
where maxV;q4 is the maximum design shear force from Eq. (5.42a) at the end section of the beam
“critical region” at end i; the design value of the 5%-fractile of the tensile strength of concrete is feq =
fe0.08/ 7% = 0.7fem! 76 = 0.21F4 2%/ % (MPa).The limit shear at the right-hand-side of Eq. (5.49) is from one-

third to one-half the value of Vrg max for 6 = 45°.



114

If both Egs. (5.48) and (5.49) are met, the end section should be crossed by inclined bars at an angle +«
to the beam axis. These bars, with total cross-sectional area As, should resist with the vertical
components Asfygsina of their yield force — in tension and compression — one-half of maxViq from
Eq.(5.42a). The other half should be resisted by stirrups, according to the recommendation in Eurocode
2 to take at least one-half of the design shear force with shear links:

Asfygsina > 0.5maxVi g4 (5.50)
If the beam is short, inclined bars are conveniently placed along its two diagonals in elevation (see
coupling beam of Fig. 5.5); then tana ~ (d-d1)/Lq. If it is not short, the inclination of its diagonals to the
beam axis is small and inclined bars placed along them are not efficient; in such cases it is more cost-
effective to place two sets of shear links: one at an angle o = 45° to the beam axis, the other at o = -45°.
However, constructability and reinforcement congestion hamper this option. Normally there is neither
risk from sliding shear nor a need for inclined reinforcement, if we avoid beams which are short and not
loaded by significant gravity loads (in such beams the first term in the right-hand-side of Eq. (5.42b) is

large and the second one small.

v -

2V, (/z2) —H#—

v |

A f Vo2 1

sitvd

Fig. 5.5 Coupling beam with diagonal reinforcement per EC8

5.5.4 Dimensioning of columns for the ULS in shear

In columns designed to Eurocode 8, plastic hinging under the design seismic action is the exception. If it

does take place, it leads to lower ductility demands than in DC H beams and hence to a smaller



115

reduction of shear resistance. So, Eurocode 8 neglects this reduction for columns.
Columns are subjected to almost full shear reversals, while their capacity design shears from Eq. (5.44)
normally exceed the limit at the right-hand-side of Eq. (5.49) for {'= -1. Nevertheless, Eurocode 8 does
not require for them inclined bars against shear sliding, trusting their axial force to close through-cracks
of the end section against the low plastic strains that may build up in the vertical bars. Sliding is also
resisted by clamping and dowel action of the large diameter intermediate bars between the corners,
which remain elastic when the peak shear and moment occur in the column. So, the dimensioning of
columns in shear takes place according to the Eurocode 2 alone, i.e., taking into account the effect of
axial load on shear resistance as follows:
1. A compressive axial force, Ng, increases the shear resistance, Vrqs, due to the transverse
reinforcement by the transverse component of the strut which carries N from the compression zone

at the top section of the column to that of the bottom at an inclination of z/H to the column axis:

w =" ywd

Vo = Hi N, + p b zf . cotd (5.46a)

cl

2. Eurocode 2 introduces in Vgrgmax an empirical multiplicative factor which is a function of vyq =
Ng/Acfcq and takes into account: a) the contribution of Ny to shear resistance, at the same time as b)
the burden placed on the inclined compression field accompanying the tension in the transverse

reinforcement by the normal stress component in the strut due to N for v4> 0.5:

V,

Rd,max

=0.3min(1.25; 1+ v,; 2.5(1—vd))bwz[1—%j f.,sin 20 (5.47a)

With these modifications in the shear resistance formulas, steps 1 to 4 of the general procedure in
Section 5.5.2 for dimensioning beams in shear are also applicable to columns, using all along the
column Vep from Eq. (5.44), instead of Veq(X). This procedure is followed separately in the two

transverse directions of the column, using the corresponding values of Vcp as design shears. In
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rectangular columns, the side length at right angles to the plane of bending is used as by, in Egs. (5.46a),
(5.47a) and 90% of the effective depth, d, in the other direction as z.

If the section comprises more than one rectangular parts along two orthogonal directions, it is simpler
and safe-sided to assign the design shear of each transverse direction only to the longest part of the
section in that direction (i.e., to one leg per direction in a T- or L-section). That part plays the role of the
web; only the stirrup legs in it which are parallel to the design shear contribute to the area of transverse
reinforcement per unit height of the column, Ag/sy, in the direction considered.

Column sides longer than about 250 mm in DC H or 300 mm in DC M should have intermediate vertical
bars engaged at a corner of a stirrup or by the hook of a cross-tie (see relevant rule in Table 5.2, row 3
from the bottom). The legs of these intermediate stirrups or cross-ties contribute to the shear resistance
per Eq. (3.46a) at right angles to the column side; their cross-sectional area enters in pw = Asw/buSh
multiplied by cosa, where « is the angle between the leg and the direction of the shear force. Although
the cross-sectional area and/or spacing of intermediate stirrups or cross-ties may well differ from those
of the perimeter hoops, they are usually chosen the same, for simplicity.

The transverse reinforcement should respect the detailing rules in Table 5.4. Except those concerning the
effective mechanical ratio aayg Of stirrups, which have a fundamental basis explained in Sections 5.7.3,
5.7.5, these rules are empirical. As in beams, the rule prescribing the maximum stirrup spacing in
"critical regions™ as a multiple of the diameter of longitudinal bars aims at preventing buckling.

If the stirrup diameter and/or spacing are not controlled by the design shear, Vcp, Which is constant
along the column, but by the detailing rules, which are different in “critical regions" and outside, the
transverse reinforcement may be chosen different in each "critical region™ in a storey and in-between
these regions. For simplicity, the transverse reinforcement is often chosen the same throughout the

storey, as controlled by the most demanding of the two "critical regions".
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Table 5.4 EC8 detailing rules for transverse reinforcement in primary columns (secondary ones: as in
DCL)

DCH DCM DCL
critical region length ) > [1.5h,, 1.5b, 0.6m, Ha/5|he, b, 0.45m, Hy/6 he, be,
Qutside the critical regions
diameter, dpy> 6mm, dy /4
spacing, Sy < 20dp, he, be, 400mm

at lap splices of bars with

g >14mm. s..< 12dp, 0.6h¢, 0.6b¢, 240mm
bL 1 YW=

In critical regions

diameter, dpy > © 6mm, 0.4V(f,a/fywa)dbi 6mm, dp, /4
spacing, sy< & @ 6dbi, bo/3, 125mm  |8dyi, bo/2, 175mm | as outside critical regions
mechanical ratio ayq>® 0.08 -
effective mechanical ratio *
g > ), ), (6), (7) 304y vasyd be/bo- 0.035 -
In the critical region at the base of the column (at the connection to the foundation)
mechanical ratio @ye> 0.12 | 0.08 -
effective mechanical ratio
A > @ 6 6.6.0) 3044y va&ydbe/bo -0.035 -

@ he, be, Ho: column sides and clear length.

(2) For DC M: If a value of q < 2 is used for the design, the transverse reinforcement in critical regions of
columns with an axial load ratio v4< 0.2 may follow only the rules for DCL columns.

(3) For DC H: In the two lower storeys of the building, the requirements on dy,, Sw apply over a distance from the
end section not less than 1.5 times the critical region length.

(4) Index c denotes the full concrete section; index o the confined core to the centreline of the perimeter hoop; b,
is the smaller side of this core.

(5) mwq: volume ratio of confining hoops to confined core (to centreline of perimeter hoop) times fywa/fca.

(6) a = (1-s/2bo)(1-s/2hy)(1-{by/[(ns-1)ho]+h/[(ns-1)bo]}/3): confinement effectiveness factor of rectangular hoops
at spacing s, with n, legs parallel to the side of the core with length b, and n;, legs parallel to the side of length h,.
(7) For DCH: at column ends protected from plastic hinging through the capacity design check at beam-column
joints, 4, is the value of the curvature ductility factor that corresponds per Egs. (5.64) to 2/3 of the basic value,
g, of the behaviour factor applicable to the design; at the ends of columns where plastic hinging is not prevented,
because of the exemptions from the application of Eq. (5.31), x4 is taken equal to s, defined in Note (8) (see also
Note (9)); &= fyd/Es.

(8) uy: curvature ductility factor corresponding per Egs. (5.64) to the basic value, g, of the behaviour factor
applicable to the design.

(9) For DCH: The requirement applies also in the critical regions at the ends of columns where plastic hinging is
not prevented, because of the exemptions from the application of Eq. (5.31).
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5.6 Detailed design of ductile walls in flexure and shear
5.6.1 Design of ductile walls in flexure
5.6.1.1 Design moments of ductile walls

To ensure that flexural plastic hinging is limited to the wall base and the wall stays elastic above it,
despite higher mode response after the plastic hinge develops at the base, Eurocode 8 requires designing
in flexure the rest of the wall height for a linear envelope of the positive and negative wall moments
derived from the analysis for the design seismic action. The linear envelope is shown schematically in
Fig. 5.6, for simplicity without the tension shift; real examples of wall moment diagrams from the
analysis are depicted in the upper half of Fig. 7.44 in Chapter 7, alongside the design envelopes fitted to
them per Eurocode 8 and shifted upwards by the tension shift. Thanks to the resulting flexural
overstrength, the rest of the wall does not need to be specially detailed for flexural ductility, nor to be
designed in shear accounting for the cyclic decay of shear resistance in plastic hinges; so, its design and

construction are much simpler and possibly less costly.

N\

\
< \ M, - EC8 design
\._I envelope

Fig. 5.6 Bending moment diagram of a wall from the analysis and moment-envelope per EC8 for the
design of a ductile wall in flexure.
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A wall flange longer than 4-times its thickness qualifies itself as a wall in the orthogonal direction (walls
with T-, L-, H- or C-section). Then its design moments in that direction are obtained from a linear

envelope as depicted in Fig. 5.6 and not directly from the analysis.

5.6.1.2 Dimensioning and detailing of vertical reinforcement in ductile walls

The detailed design of a wall starts with dimensioning its vertical reinforcement at the base section for
the normal action effects (moment(s) and axial force) derived from the analysis for the seismic design
situation, per the Eurocode 2 criteria and rules for the ULS in flexure with axial force. The present
section describes the dimensioning procedure, after an introduction about the distribution of vertical
reinforcement over a wall section.

A wall differs from a frame column in the shape of its seismic moments diagram from the analysis. It
differs from an isolated column, cantilevering from the foundation without connection to any floor
beam, only in the shape of the cross-section, which, in a wall, comprises one or more elongated
rectangular parts — conventionally per Eurocodes 2 and 8 with ratio of sides above 4.0. If it consists of a
single elongated rectangular part, the wall develops essentially uniaxial moments and shears (in a
vertical plane of bending in the long direction of the section), even when the seismic response is equally
strong in the two horizontal directions. The main impact of the section geometry on the wall design,
though, even for sections with two or more elongated rectangular parts (L-, T-, I-, C-sections, etc), is the
clear separation of the two ends of the section in the long direction. These end regions provide most of
the moment resistance through vertical stresses — tensile at one end, compressive at the other — and play
the prime role for flexural ductility: it is only them which are enclosed in steel hoops for concrete
confinement and antibuckling restraint of vertical bars. In that respect, they resemble the top and bottom
"flanges" of a beam. Another common point with beams is that the part of the section between the

longitudinally (and heavily) reinforced "flanges" resists the shear, acting as a "web". A third
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commonality is, of course, the (essentially) uniaxial bending, parallel to the "web". By contrast, a
column (even a big one behaving as a vertical cantilever) works in both transverse directions and
requires vertical bars and confinement all around the section.

Like a deep beam, a wall has longitudinal reinforcement in the web as well, to control the width of
flexural or shear cracks in that part of the wall too. This reinforcement is placed in two curtains (one
near each face of the web, see Fig. 5.7 and examples in Figs. 7.45-7.47 of Chapter 7) and is normally
chosen on the basis of the prescriptive minimum requirements of Eurocodes 2 and 8, listed in Table 5.5
under "Web" and "vertical bars". Suppose that the detailing rules concerning the minimum steel ratio
and bar diameter and the maximum bar spacing in each curtain give a ratio of vertical web
reinforcement p, =Aq/bsy, where A, is the cross-sectional area of two web bars (one per curtain), s, the
bar spacing along the length, |, of the wall section and b the width of the compression flange (this py is
normalised to the compression flange width, b, whereas the minimum and maximum web reinforcement
ratios in Table 5.5 are normalised to the actual thickness of the web, by, < b). The corresponding

mechanical ratio is wvy = pyfya/fea.

Table 5.5 EC8 detailing rules for ductile walls

DCH | DCM DCL

>max(ly, Hu/6) @
<min(2lw, hstorey) if wall <6 storeys -
<min(2lw, 2hsiorey) If wall > 6 storeys

critical region height, he

Boundary elements

a) in critical height region:

- length I from wall edge > |0.15l,,, 1.5by, part of the section where & >0.0035 -

- thickness by, over Ic> 0.2m; hg/15 if I.<max(2byy, Iw/5), hs/10 otherwise -
- vertical reinforcement:
Prin OVEr A= lcby 0.5% | 02%®

Dhnax OVer A 4% @
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spacing along perimeter of
bars restrained by tie corner <150mm <200mm -
or cross-tie hook

- confining hoops (index w) ©:

diameter, dy,> 6mm, 0.4(fyq/fywa)dbi 6mm, wherever p_>
spacing, sy < @ 6db., bo/3, 125mm 8dp, bo/2, 175mm 2% in section:
o> @ 0.12 0.08 as over rest of
@), ) the wall (see
g > 30u( vat an) &yabwlbo - 0.035 case b below)
b) over the rest of the wall Wherever in the section &>0.2%: o, min = 0.5%; elsewhere: 0.2%
height: In parts of the section where p > 2%:

- distance of unrestrained bar in compression zone to nearest
restrained bar < 150mm;

- hoops with dyw > max(6mm, dy./4), spacing sw< min(12dy.,
0.6bwo, 240mm) Y till distance 4b,, above or below floor slab
/beam; s, < Min(20ds, buo, 400mm) ) beyond that distance

Web

thickness, buo > max(150mm, Nsiorey/20) | -
vertical bars (index: v):

2 =AalbuoSy > 0.2%, but 0.5% wherever in the section &>0.002 | 0.2% @

A =Asu/ DSy < 4%

dpv > 8mm -

dpy < bwo/8 -

spacing, sy < min(25dyy, 250mm) min(3byo, 400mm)
horizontal bars (index: h):

Ph.min 0.2% max(0.1%, 0.25p,) )

don = 8mm -

don < bwo/8 -

spacing, sp < min(25dpn, 250mm) 400mm

@) | max(0.25%; 13 faa = Nes /A )

ovmin @t construction joints ( f, +1.5\/ .t )

(1) NDP (Nationally Determined Parameter) per EC2; the value recommended in EC2 is given here.

(2) lw: long side of rectangular wall section or rectangular part thereof, H,: total height of wall; hgory: Storey
height.

(3) (In DC M only) The DCL rules apply to the confining reinforcement of boundary elements, if: under the
maximum axial force in the wall from the analysis for the seismic design situation, the wall axial load ratio
ve= Ned/Adfe is < 0.15; or, if v4< 0.2 but the g-value used in the design is < 85% of the g-value allowed when
the DC M confining reinforcement is used in boundary elements.

(4) Notes (4), (5), (6) of Table 5.4 apply for the confined core of boundary elements.

(5) uy: value of the curvature ductility factor corresponding through Egs. (5.64) to the product of the basic value
g, of the behaviour factor times the ratio Mggo/Mrgo OF the moment at the wall base from the analysis for the
seismic design situation to the design value of moment resistance at the wall base for the axial force from the
same analysis; &= fyd/Es; ang: mechanical ratio of vertical web reinforcement.

(6) Neg: minimum axial load from the analysis for the seismic design situation (positive for compression);
fera=fetk0.05/ 76 = 0. 7feml 16 = 0.21f4 2%/ 7. . design value of 5%-fractile tensile strength of concrete.
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« )
Fig. 5.7 Schematic arrangement of vertical reinforcement in a ductile wall section and determination of
boundary element length

The vertical reinforcement which is concentrated near the tension edge is considered for the present
purposes as lumped at the centroid of its cross-sectional area, A, at an effective depth d; we define its
mechanical ratio as w14 =As1/(bd)-(fya/fcq). We assume that the vertical reinforcement concentrated near
the compression edge has the same cross-sectional area as the tension one, As; = Ag1, and is lumped at its
centroid at a distance d; from the extreme compressive fibres; its mechanical ratio is wuq= w1g.

Using as a basis Egs. (5.37)-(5.39) in Section 5.4.3, which take into account the web reinforcement with
a uniform mechanical ratio, wyg, between the tension and the compression reinforcement, we can modify
the procedure proposed in Section 5.4.2 for rectangular columns with symmetric tension and
compression reinforcement only, to calculate wiq = wyq, for known w,q and given dimensionless
parameters as defined by Eg. (5.32) in Section 5.4.2. Note that walls have a low axial load ratio; in fact
for walls Eurocode 8 sets an upper limit of 0.35 for DC H and of 0.4 for DC M to the ratio of the
maximum axial load from the analysis for the seismic design situation to Acfcq — which exceeds vy as
defined in Eq. (5.32). We then have only cases (i) and (ii), as follows.

() The tension and the compression reinforcement both yield, if vy is in the range:
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+ _ — _
, [51 cu2 8 _lJ + 51 oz —€c2 /3 =v, < Vg <y = @, [SCUZ Eyd _ 51J + ¢ (551a)
vd o 1 Eeu2

Vv
1-9, 2 — € w2 —€ya 1-— Ecur +Eyq + &4

Then, with a normalised neutral axis depth computed as:

&= (1_51)Vd +(1+51)wv (5523.)

(1—51){1— Eer J+ 20,
38cu2

we find the symmetric edge reinforcement, wiq= wzq, from:

(1_51)(”1(1 = Uy _f{ﬁ_i(l—fﬁ-%éj}

2 3‘(’\cuz 2 cu2

1- 5

{(5 5)A-¢) - [&Y“H (5.53a)

cu2

(i) The tension steel yields but the compression one is elastic; vq is less than v, from Eq. (5.51a):

v, < @, q [51 Eeuz +8Yd _1J _'_51 Eeuz ~ Ec2 /3 =v, (551b)
& €eu

Eouz — €yd 2 —€yd

Then &is the positive root of the equation:

2
+
1— ) n Wy (cuz €y ) ot v, + | 1 Conr " D g 14 Zou2% €au20y §_|:w1d_ W,40; :|80u251 -0
3"("cuz 2(1_51) gcuzeyd a:"yd 1_51 gyd 2(1_51) a:"yd

(5.52b)

We can replace wiq in EQ. (5.52b) in terms of &£ and the moment from:
(1_ 51) é 51 Eouz 1_5 Eea 1 Eea
1 = fe2 | =
“d 2[+55yd “H T T 2 T,

e e )
4(1-9,) € €4 & 3 3 €.

The resulting very nonlinear equation is solved numerically for & wiq is then found from Eq.

(5.53b)

(5.53b).
The edge reinforcement area, As; = w14(bd)-(fea/fya), from Egs. (5.53) is implemented as a number of bars
near the edge of the section, normally spread over a certain distance, I, from it, e.g., along a "boundary

element” (see Fig. 5.7 and examples in Figs. 7.45-7.47 of Chapter 7). The minimum I; value specified by
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Eurocode 8 within the critical region at the base of the wall is given at the top of the "boundary
elements” part of Table 5.5. The distance d; of this reinforcement from the section edge refers to the
centroid of these bars. Note that, because wyq IS considered uniform between the centroids of w,q and
w14, a fraction (I¢/d-61)/(1-o1) of the total web reinforcement area, p,bd, falls within the distance I over
which the edge reinforcement is spread and should be added to As = w14(bd)-(fea/fya) before translating it
into an edge reinforcement area.

The minimum web reinforcement continues to the top of the wall. There are two ways to decide at

which levels the edge reinforcement placed at the base section is curtailed:

1. We take away from each edge region one pair of bars at a time (on opposite long faces of the wall),
or even two such pairs or more. As long as the distance from the wall base is less than the critical
region height, he, given at the top of Table 5.5, the length I; of the "boundary element” still applies;
the bars removed are chosen from the unrestrained ones along the perimeter of the "boundary
element”, preferably far from the extreme fibres. Above the critical region height, the pair of bars
removed is the one further away from the extreme fibres; the size of the "boundary element" shrinks
accordingly, below the minimum specified by Eurocode 8 for the critical region; the minimum web
reinforcement extends over the freed space in the section. The remaining moment resistance of the
section is computed using Egs. (5.37)-(5.39) from Section 5.4.3 and compared to the linear M-
envelope per Eurocode 8 (Fig. 5.6), in order to find the level where the reduced edge reinforcement
suffices. Note that this level should be consistent with the value of the wall axial force, N, used in
Egs. (5.37)-(5.39) with the reduced amount of reinforcement. The process continues with further
pairs of bar removed from each edge, to the top of the wall.

2. The second approach lends itself better to systematic dimensioning within an integrated

computational environment. It presumes that bars start at floor level of each storey and serve the
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bottom section of the storey above; at floor level of that storey the bars are lap-spliced with some of
the edge bars starting there, or are continued for anchorage if they are not needed anymore. The
dimensioning procedure described above for the wall base (Egs. (5.51)-(5.53)) is repeated at the
bottom section of each storey, with the values of the moment and axial force applying there, to
dimension the edge reinforcement which should come from the storey below, in order to cover the
requirements in flexure with axial force at the bottom section of the storey. In all storeys whose base
falls within the critical region height, h,, in Table 5.5, the layout of the bars placed near each edge
follows that in the "boundary element™ of the base, as far as the outline and the location of restrained
bars along the perimeter of the "boundary element™ are concerned. Above the critical region, little
care is taken to follow the same pattern as in the critical region or to place the bars very close to
those coming from the storey below; the overriding consideration is to spread the bars over a
distance I from the extreme fibres, so that the maximum steel ratio is not violated within the area A.
= Icbw.
If the wall section comprises two or more elongated rectangular parts at right angles to each other (as in
T-, L-, C- or H-sections), it should be designed in flexure as a whole, for the My-M_-N triplet of the
entire section, assuming that it remains plane. The 3-step procedure proposed in Section 5.4.2 for
dimensioning the vertical reinforcement of columns, rectangular or not, under My-M,-N triplets, may be
adapted to Egs. (5.51)-(5.52), to account for web bars distributed between the two edges in the direction
considered. The so-modified procedure normally gives a safe-sided estimate of the vertical
reinforcement near the corners of the non-rectangular section. The full vertical reinforcement placed
over the section should also meet the detailing rules in Table 5.5 for boundary elements, web minimum
reinforcement, etc. Note that the size of any boundary elements needed around the non-rectangular

section may be estimated from the strain profile(s) obtained in the course of Step 3 of the procedure,
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namely through the iterative algorithm for the ULS verification of sections with any shape and layout of
reinforcement for any combination My-M-N.

Strictly speaking, even a rectangular wall is subjected to biaxial bending with axial force, My-M,-N. So,
although this is rarely done for rectangular walls, after the vertical reinforcement is estimated and placed
according to the pertinent detailing rules, the base section of each storey may be verified for the ULS in
bending with axial force for all My-M,-N combinations from the analysis for the seismic design
situation. The moment in the strong direction of the wall, let’s say My, is obtained from the linear M-
envelope in Fig. 5.6; the value of M, is that from the analysis.

The edge bars curtailed according to procedure 1 or 2 above — or any alternative — should extend
vertically above the level where they are not needed anymore for the ULS in bending with axial force by
a length equal to zcot6/2, according to the "shift rule” per EC2, where 6 is the value of the strut
inclination used at that level in the design of the wall in shear (see Section 5.6.2). They are extended by
their anchorage length, only if the inclination of the moment envelope to the vertical (which is constant
up the wall, see Fig. 5.6) exceeds the bar yield force, fydndbL2/4, times the ratio of the internal lever arm,

2, 10 lpg (i.e., (2.25nf qa)dpz/{ay[1-0.15(Cq/dp 1)1} With the notation of Table 5.2).
5.6.2 Design of ductile walls in shear
5.6.2.1 Design shears in ductile walls

“Ductile walls”, designed to develop a flexural plastic hinge only at the base, are protected by Eurocode
8 from shear failure throughout their height. The design value of moment resistance at the wall's base
section, Mggo, and equilibrium alone do not suffice for the derivation of the maximum seismic shears
that can develop at various levels of the wall, because, unlike in the cases of Fig. 5.4, the forces applied

on the wall at intermediate levels are unknown and vary during the seismic response. It is reasonable to
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assume that, if Mrgo exceeds the bending moment at the base from the elastic analysis for the design
seismic action, Mgqo, the seismic shears at any level of the wall exceed those from the same elastic
analysis in proportion t0 Mgdo/Mego. This amounts to multiplying the shear forces from the elastic

analysis for the design seismic action, V'eq, by a capacity-design magnification factor e:

_Ver _, (Mg if hy/l, < 2 5.54a
g_VI'Ed _;/Rd[M ng ( w/ilw > ) ( . )

Edo

where yrq COVers overstrength at the base, e.g. due to steel strain hardening. If the wall is rectangular,

Mra,o Can be estimated according to Section 5.4.3, Egs. (5.37)-(5.39). The last paragraph of Section 5.4.3

applies to non-rectangular walls.

Eurocode 8 adopts Eq. (5.54a) with »¢=1.2, for DC H walls with ratio of wall height to horizontal

dimension, hy/ly < 2 (“squat”). If a DC H wall has hy/ly, > 2 (“slender”), Eurocode 8 amplifies further

the shear forces from the elastic analysis, V'gq, to account for an increase of shears after plastic hinging

at the base due to higher modes. It follows in this respect the approach in (Eibl and Keintzel 1988,

Keintzel 1990). That approach essentially presumes that:

1. Mggo and V'gg are computed via “lateral force” elastic analysis, with a first mode period Ts.

2. The behaviour factor, g, should be applied only to the first mode results; higher mode response is
elastic — at least as far as the wall shears are concerned.

3. Higher mode periods lie in the constant-spectral-acceleration plateau of the elastic spectrum; their
spectral acceleration is equal to Sy(T¢), where Tc is the upper corner period of the plateau.

4. The ratio of the sum-of-the-squares of higher mode participation factors to the square of the
participation factor of the first mode is equal to 0.1 — i.e. a very safe-sided estimate.

These considerations lead to an increase of ¢ in DC H walls with hy/l,, > 2 per Eurocode 8:
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Ve J[ M] ( 5,(T, )J .
e=——=7 +01g2=1| <q (ifhy/ly>2) (5.54b)
VEd e MEdo Sa(Tl)

where T; is the first mode period in the horizontal direction closest to that of the wall shear force.

Eq. (5.54b) gives very safe-sided (i.e., high values), especially if Mgqo and V'gq are computed via a

“modal response spectrum” elastic analysis (Antoniou et al, 2014).

The value of Mggo/Mego, and hence of ¢ in Egs.(5.54), may well exceed 1.0 if:

The wall base is oversized with respect to the seismic demand, Mgqo, and has the minimum vertical
reinforcement in its web and — sizeable — boundary elements. To reduce this type of overstrength, the
wall should not be so thick as to have the minimum requirements per Table 5.5 control its vertical
reinforcement.

The analysis for the design seismic action produces a high axial force at the wall base. The vertical
reinforcement at the wall base is governed by the sign of the design seismic action giving — alongside
the moment, Mgy, — the minimum axial compression from the analysis for the seismic design
situation. When the sign of the design seismic action reverses, we have the maximum axial
compression but the same moment, Mego,, producing a large overstrength: Mgrgo >> Meggo. Such an
overstrength is acute in walls placed near the corners in plan of high-rise buildings, in piers of coupled

walls, etc.

As a shield to excessive values of ¢ from Egs. (5.54) due to the above reasons, Eurocode 8 sets for DC H

walls the ceiling of g to its value, so that the final design shear, Vg4, does not exceed the value qV'gg

corresponding to a fully elastic response.

To avoid the intrinsic complexity and conservatism of Eqgs. (5.54), Eurocode 8 allows to DC M walls the

following simplification:

£= VL" =15 (5.55)
VEd
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Note that, unlike Egs. (5.54) which may be overconservative, Eq.(5.55) gives a very low safety margin
(if any) against flexural overstrength at the base or inelastic higher mode effects.

Higher mode effects on inelastic shears are larger at the upper storeys of the wall, especially in dual
(frame-wall) systems. In such systems the frames restrain the walls at the upper storeys, to the extent
that the wall shears in the top storey or the one below from the “lateral force” analysis reverse sign and
are opposite to the total seismic shear applied. In general, the elastic analysis gives very small wall
shears in the upper storeys, which will not come anywhere close to the relatively high values that may
develop there owing to higher modes, even after multiplication by the factor ¢ of Egs. (5.54) to (5.55)
(see Fig. 5.8, where dotted curves represent the shear force from the analysis and its value multiplied by
¢). To deal with this problem, Eurocode 8 sets a minimum for the design shear force at the top of the
ductile walls in dual (frame-wall) systems, equal to half the magnified shear at the base, increasing
linearly to the magnified value of the shear, ¢V"gq, at one third of the wall height from the base (Fig. 5.8).
For a sample application of the part of this sub-section and of the rest of Section 5.6 referring to DC M

walls, see Section 7.6.2.4 for the walls of the 7-storey example building,.

VWEI|1,IO|)>V\\'EIII,1)HSC/2
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',-':VE frorh
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........ 1
Ve 4
magnified by & 1y

|<_ V\\H” hase 4#
Fig. 5.8 Design shear forces per EC8 up a ductile wall in a dual (wall-frame) system.
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5.6.2.2 Verification of ductile walls in shear - Special rules for critical regions of DCH walls

The general Eurocode 2 rules highlighted in Section 5.5.2 for beams and 5.5.4 for columns apply to the

verification in shear of DC M walls throughout their height and of DC H ones outside their critical

height. The contribution of the axial load to Vggs is small; so, Eq. (5.46) may be applied. The internal
lever arm, z, may be taken equal to 80% of the length, I, of the wall section. The web reinforcement

should also meet the prescriptive detailing rules in Table 5.5.

Three types of special rules apply in the critical region of DC H walls:

1. The design value of shear resistance, as controlled by diagonal compression in the web, Vrdmax, IS
taken as 40% of the value given by Eq. (5.47) per Eurocode 2. A value of 4 is not fixed in the range
of Eq. (5.45), but, with such a drastic reduction in Vrgmax, it makes sense to take 6 = 45°. This large
reduction is fully supported by the available cyclic test data (Biskinis et al, 2004, Fardis, 2009). It
has not been extended to DC M walls as well, because, if applied alongside the magnification of
design shears per Section 5.6.2.1 (Eg. (5.55)), it might be prohibitive to use ductile walls for
earthquake resistance in Eurocode 8. However, caution should be exercised in exhausting the liberal
VRra max-value of Eq. (5.47a) in ductile walls of DC M.

2. Unlike columns (but like DC H beams), ductile walls of DC H should be explicitly verified against
sliding, because their axial load level is too low to mobilise sufficient friction and the web bars are
of smaller diameter and more sparse than in columns. The base of every storey within the critical
height of the wall should be verified in sliding shear. The design value of the resisting shear against
horizontal sliding along the base section in a storey is given by Eurocode 8 as:

Veasts = Vi Ve +Vig (5.56)
i.e., as the sum of:

— the friction resistance, Viq, of the compression zone:
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V= min(/xf [(Z A+ NEd)‘(+ MZE” }; 0.3(1-%) f b, (& )j (5.57)
with:
- ug friction coefficient, equal to 0.7 for rough interfaces or to 0.6 for smooth ones;
- XAy total area of vertical bars in the web and of those placed in the boundary elements
specifically against shear sliding without counting in the ULS for bending;

- Mgq, Neg: values from the analysis for the seismic design situation; and

- & normalised neutral axis depth, from Eqgs.(5.39) in Section 5.4.3;

— adesign value of the dowel resistance, Vyq:
Vy, =3 A minfL3f,f,,; 0.251,) (5.58)

for concrete class above C20/25, the second term governs in Eg. (5.58); it reflects yielding of the
dowel in pure shear without axial force, with a safety margin of about 2.3;
— the horizontal projection, Vig, of the design resistance of any inclined bars, with a total area (in

both directions) XA, placed at an angle +¢ to the base of the wall:

Vi =D A, f,cosp (5.59)
Inclined bars should preferably cross the base section at about mid-length, to avoid affecting —
through the couple of vertical components of their tension and compression forces — the moment
resistance, Mrqo, Used in Eqgs. (5.54) for the design shear, Veg, or the location of the plastic hinge;
they should extend at least to a level of I,/2 above the base section, making an inclination ¢ = 45°
not only convenient, but also very cost-effective. Although inclined bars are needed only if Vi + Vyq
is less than the design shear, Veqg, Eurocode 8 requires placing them always at the base of "squat"

walls (i.e., those with h,/l, < 2) of DC H, at a quantity sufficient to resist, through Vg4, at least
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0.5Vgg. In such walls Eurocode 8 requires inclined bars at the base of all storeys, at a quantity
sufficient to resist at least 25% of the storey design shear.

Note that the minimum clamping reinforcement required across construction joints (i.e., at the base
section of each storey) in a DC H wall according to the last row in Table 5.5 counts also against
shear sliding. The second, non-prescriptive term in this requirement comes from the condition that
cohesion, plus friction, plus dowel action at such a joint exceeds the shear stress at shear cracking of
the concrete cast right above the joint.

. A special rule applies for dimensioning the web reinforcement ratios, horizontal pn, and vertical py,
in those storeys of DC H walls where the maximum shear span ratio, &= Mgg/(Vedlw) (normally at
the base of the storey) is less than 2. This rule is a modification of the Eurocode 2 rule for the

calculation of shear reinforcement in members with 0.5 < o< 2:

VRd,s :VRd,c + phbw0(0'75|was) fyhd :VRd,c +phbw0[0‘75%j fyhd (560)

Ed

where:

- pn is the ratio of the horizontal reinforcement, normalised to the web width, by, and fyng its
design yield strength;

- VRa,. is the design shear resistance of members without shear reinforcement per Eurocode 2 (in

kN):

Vg ¢ =1 min 180(100,0L)1/3, 35,1+ 02 fre 1+ 02 fC1k’3+0.15min[NEd ,0.2EJ b,,.d
Ve d d A Ve

(5.61)

where p. is the tension reinforcement ratio, y. the partial factor for concrete, fe is in MPa, by,
and d are in meters, the wall gross cross-sectional area, A, is in m* and Nggq in KN (in the critical

region of the wall, Vrgc= 0 if Ngg is tensile).
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The ratio of vertical web reinforcement, o, is then dimensioned to provide a 45° inclination of the
concrete compression field in the web, together with the horizontal reinforcement and the vertical
compression in the web due to the minimum axial force in the seismic design situation, minNgg:

Po FanPioZ < p, T4, B 2 +MINN, (5.62)

Note that Mgqg in s comes from the M-envelope of Fig. 5.6, which does not exhibit inflection points
in any storey, and Vgq comes from Egs. (5.54) — and the envelope in Fig. 5.8, if the wall belongs to a
dual (frame-wall) system. So, a may be less than 2 at upper storeys of walls with large |, giving
unduly large web reinforcement. Judgment should be used in such cases, as these expressions are
meant for the base region of "squat” walls (those with h,/l,, < 2); besides, owing to the very limited
knowledge and data at the time on the cyclic behaviour and shear failure of squat walls , Egs. (5.60),
(5.62) are conservative (safe-sided).
The special rules for the critical region of DC H walls (especially no. 1 above concerning Vgrgmax), in
conjunction with the magnification of shear forces from the analysis per Egs. (5.54) in Section 5.6.2.1,
make it difficult to verify DC H walls in shear. It is normally not very effective to increase the web
thickness, bwo, in order to meet this verification: this will increase proportionally the value of Vrg max, but
will also increase, albeit less than proportionally, the seismic shear force from the analysis. It is much
more effective to keep the ratio Mgy o/Meg, at the wall base as low as possible, preferably close to 1.0

(see discussion after Eq. (5.54b) in Section 5.6.2.1).

5.7 Detailing for ductility

5.7.1 “Critical regions” in ductile members

Of the two constituents of reinforced concrete, steel is ductile in tension but not in compression, as bars

may buckle, shedding their force and risking fracture. Concrete is brittle, unless its lateral expansion is
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well restrained by confinement. So, the only way to build a RC member which is ductile and can reliably
dissipate energy during inelastic seismic response is by combining:
« reinforcing bars in the direction where tensile principal stresses are expected to develop; and
+ concrete and reinforcement in the direction of compressive principal stresses, with dense ties to
laterally confine the concrete and restrain the bars against buckling.
This is feasible wherever principal stresses and strains develop during the seismic response invariably in
the directions where reinforcement can be conveniently placed. In one-dimensional RC members
(beams, columns, slender walls), it is convenient to place the reinforcement in the longitudinal and
transverse directions. Cyclic flexure indeed produces at the extreme fibres of a RC member principal
stresses and strains in the longitudinal direction and allows effective use of reinforcement, both to take
up directly the tension and to restrain the concrete and the compression bars transverse to their
compressive stresses. Flexure is the only mechanism of force transfer in such a member which allows
using to advantage and reliably the ductility of tension reinforcement and effectively enhancing the
ductility of concrete and of compression bars through lateral restraint. The regions of the member
dominated by flexure under seismic loading are its ends, where the seismic moments take their
maximum value. After flexural yielding of the end section, a flexural plastic hinge develops there,
dissipating energy in alternate positive and negative bending. Eurocode 8 calls this region “critical
region”, which has a more conventional connotation than the term “dissipative zone”, used also in
Eurocode 8 for the part of a member or connection of any material where energy dissipation takes place
by design.
A “critical region” is a conventionally defined part of a primary RC member, up to a certain distance
from:

1. The base section of a ductile wall, i.e., at the connection to the foundation or the top of a rigid
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basement.

2. An end of a column or beam connected to a beam or a vertical element, respectively, no matter
whether the relative magnitude of the moment resistances of the members around the connection
show that a plastic hinge at that end is likely. Cantilevering beams not designed for a vertical seismic
action, or a beam end supported on a girder at a distance from a joint of the girder with a vertical
member, cannot develop large seismic moments; so there is no beam “critical region” in those cases.

3. A beam section where the hogging moment from the analysis for the seismic design situation attains
its maximum value along the span; often that section is at the beam end or nearby and the “critical
region” coincides with one of those described under 2 above.

The length of “critical regions” prescribed for RC members by Eurocode 8 is given at the top of Tables

5.1, 5.4 and 5.5. These tables give the special detailing rules — mostly prescriptive — that apply in these

regions. Sections 5.7.4 to 5.7.5 below focus on and elaborate the application of those detailing rules

which have a rational basis.

5.7.2 Material requirements

Ductility depends not only on the detailing of RC members, but also on the ductility and quality of their
materials. So the requirements of Eurocode 8 on concrete and steel increase with DC.

Eurocode 8 sets a lower limit of 16 MPa on the nominal cylindrical strength of concrete (concrete class
C16/20) in primary elements of DC M buildings, or of 20 MPa (concrete class C20/25) in those of DC
H. These limits are at the low end of what is normally used in buildings in Europe. Neither Eurocode 8
nor Eurocode 2 set a lower limit on concrete strength in DC L buildings. All concrete classes foreseen in
Eurocode 2 are allowed by Eurocode 8: there is no upper limit for any DC.

The requirements of Eurocode 8 on reinforcing steel are summarised in Table 5.6. The lower limits on

the 10%-fractile of the hardening ratio, fi/fy, and of the strain at maximum stress (also called tensile



136

strength, f;), &, ensure a minimum extent of the flexural plastic hinge and a minimum curvature
ductility, respectively. The aim of the upper limits on fi/fy and on the 95%-fractile of the actual yield
stress is to avoid flexural overstrength at plastic hinges beyond what is covered by the overstrength
factors yrq in Egs. (5.31), (5.42), (5.44) and (5.54) and avoid jeopardising the capacity design of
columns in flexure and of beams, columns or walls in shear, respectively.

The requirements for DC M or L buildings are met by steel bars of Class B or C per Eurocode 2. The
requirements for DC H in the last two rows of Table 5.6 are met by steel of Class C of Eurocode 2, but
not by class B. That on fyo.os/fyx for DC H comes from Eurocode 8 and is not automatically met by
steels of class C (let alone B); however, steel types with special ductility produced and used in the most
seismic-prone part of Europe do meet this additional requirement. Note that this requirement is
sometimes violated, when a quantity of steel, which is originally produced for a certain nominal yield
strength but fails the minimum criteria on its fy-value as 5%-fractile, is then re-classified and marketed

as steel of lower nominal yield strength.

Table 5.6 EC8 requirements for reinforcing steel in primary members

Ductility Class DCLorM|DCH
5%-fractile of yield strength (: nominal yield strength), fyx 400 to 600 MPa
95%-fractile of actual yield strength to nominal, fyi 0.95/fyk - <1.25
10%-fractile of the ratio of tensile strength (maximum >1.08 >1.15
stress) to the yield strength, (fi/fy)x0.10 <1.35
10%-fractile of strain at maximum stress, &uk0.10 > 5% >7.5%

Example 5.5 illustrates the categorisation of steel according to the Eurocode 8 criteria for DC L, M or H,
on the basis of statistics of the steel properties from samples of bars.

The requirements in Table 5.6 for DC L apply throughout the length of any primary element. Strictly
speaking, those for DC M or H apply only within “critical regions”. However, the whole length of a

primary member of DC M or H should meet the requirements in the second column of the table, because
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its local ductility may not be inferior to that of a DC L member in any respect. The additional
requirements in the last column apply only to the “critical regions” in DC H buildings. However, it is not
practical to implement different material specifications in the “critical region” than over the rest of the
element length. So, in practice the requirements on steel in “critical regions” are applied over the whole
of a primary element of DC M or H, including the slab it may be working with (as they apply to the slab
bars which are parallel to a primary beam and fall within its effective flange width in tension defined in

Sect. 5.2.2).

5.7.3 Curvature ductility demand in “critical regions”

Eurocode 8 links the local deformation demand for which a plastic hinge should be detailed to the basic
value of the behaviour factor, qo, applicable to the building's DC and structural system per Table 4.1 in
Section 4.6.3. Only in few cases are the values of g, in Eurocode 8 discrete: for inverted pendulum or
torsionally flexible systems and for wall systems of DC M; in all other DC M or H systems, q, is
proportional to au/ca (see Section 4.6.3), hence takes values in a continuous range. Therefore, it is not
feasible to specify discrete values of the curvature ductility factor, ux,, for these other structural systems.
So, Eurocode 8 gives u, as an algebraic function of q, (see Egs. (5.64), below). This expression is
derived from:

1. The g-u-T relation between the global displacement ductility factor, us, the ductility dependent part
of the behaviour factor, qg,, and the period, T, of a SDOF oscillator adopted in Eurocode 8 (Egs.
(3.119), (3.120) in Section 3.2.3);

2. The approximate equality, ue ~ s, Of s to the local ductility factor of chord rotation, u, at those
member ends where plastic hinges form in a beam-sway mechanism imposed on the structural

system by a stiff/strong spine provided by the walls of wall- or wall-equivalent dual systems, or by
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the strong columns of frame- or frame-equivalent dual systems (see Section 4.5.2 and Figs 2.9(b) to
(€)).

3. A safe-sided approximation of the curvature ductility factor at the member's end section, y,, in terms
of u, underlain by the Eurocode 2 model for confined concrete and a safe-sided average plastic
hinge length, Ly, equal to 18.5% of the shear span (M/V-ratio), Ls, at the end section of a typical RC

member in buildings:

2L

S

My =1+3%(1— Lo J(ﬂw “D~1+05(u,-1) — i, =2u,-1 (5.63)

4. A safe-sided assumption that the full basic value of the behaviour factor is due to ductility,
neglecting overstrength: g, = Q.
By combining 1 to 4 above, Eurocode 8 gives the following relation between ¢, and z:

u, =2q, -1 if T>Tc (5.64a)
T, .
u, =1+2(q, -)= HT<Tc (5.64b)

where T is the first mode period in the vertical plane where bending of the member being detailed takes
place and T the upper corner period of the constant-spectral-acceleration plateau of the elastic spectrum
—cf. Eq.(5.54b). Eqgs. (5.64) use the basic value, qo, instead of the final value, g, of the behaviour factor;
g may be less than g, owing to irregularity in elevation, or other features which may the global ductility
capacity for given local ductility capacities (e.g., because of non-uniform distribution of ductility in
heightwise irregular buildings).

In ductile walls designed to Eurocode 8, the lateral force resistance — which is the quantity directly
related to the g-factor — depends only on the moment capacity of the base section. The ratio Mrgo/Meggo
captures the wall overstrength (where Mgg, is the moment at the wall base from the analysis for the

design seismic action and Mggo the design value of moment resistance under the corresponding axial
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force from the analysis). So the behaviour factor value utilised by the wall is ¢/(Mrdo/Meqo). As a result,
Eurocode 8 allows to compute y, at the base of individual ductile walls using in Egs. (5.64) the value of
Jo divided by the minimum value of the wall Mrgo/Meggo-ratio in all combinations of the seismic design
situation.

Because a less ductile steel of Class B per Eurocode 2 used as longitudinal reinforcement in the “critical
region” of a primary element (as indeed allowed in DC M, see Table 5.6) may reduce its flexural
ductility, Eurocode 8 requires to use for the detailing of members with Class B steel a value of y,

increased by 50% over the one resulting from Egs. (5.64).

5.7.4 Upper and lower limit on longitudinal reinforcement ratio of primary beams

If the beam cross-section is large, the longitudinal reinforcement may fracture when the concrete cracks,
unless it can resist the cracking moment without yielding. In other words, the yield moment should
exceed the cracking moment. This condition gives the minimum steel ratio listed at the row 2 of the
requirements in Table 5.1 for DC M or H beams (about double the minimum ratio for DC L beams per
Eurocode 2). Although the minimum steel ratio applies only to the tension side of the beam, it is prudent
to implement it at both top and bottom of every section, because the magnitude of seismic moments and
their distribution along the beam are very uncertain.

Recalling the lower limit listed in Table 5.6 for the 10%-fractile margin between the tensile strength, f;,
and the yield stress, fy, of steel and taking into account that the mean yield stress, fym, normally exceeds
the nominal, fy, by about 15%, the minimum steel ratio for DC M and H beams in Table 5.1 gives a
safety margin against potential steel fracture due to overstrength of the concrete in tension (the 95%-
fractile of the concrete tensile strength exceeds f.m by about 30%, but increases with age much less than
the compressive strength).

The upper limit to the steel ratio for DC M or H beams listed at the third row of requirements in Table
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5.1 aims at ensuring that the value of x, from Egs. (5.64) is achieved at the end section. It is derived

from:

o the definition of y, as the ratio of: (&) the curvature, ¢, when the extreme compression fibres reach
the ultimate concrete strain per Eurocode 2, g2 = 0.0035, to (b) the curvature at yielding, ¢y, taken
equal to the semi-empirical value ¢y = 1.54¢,/d fitted to tests of beams or columns (Fardis 2009); and

e the calculation of ¢y as eq2/(&d), with &, taken from Eq. (5.39a) in Sect. 5.4.3 for wyg =0, va= 0, &cy2
=0.0035 and &, = 0.002.

Example 5.6 at the end of the Chapter illustrates the application of Egs. (5.64) alongside the calculation
of the maximum reinforcement ratio in beams.
The physical meaning behind the maximum top reinforcement ratio is the following: The most likely
failure mode of the plastic hinge is crushing of the narrow compression zone at the bottom, in its effort
to balance the tension force of the top reinforcement due to hogging bending (see Fig. 2.22(c)). The
compression zone is assisted in this task by the bottom reinforcement, with which it shares the force to
be balanced. So, the lower the difference between top and bottom reinforcement, the less the burden
falling on the concrete (mathematically, the lower the value of & from Eq. (5.39a)) and its risk of
failure.

The upper limit on the top reinforcement ratio is very restrictive at the supports of DC M and H beams,

especially if the value of 4, is high (notably for the high go,-values of DC H). The amount of top steel

reinforcement which the beam needs in order to satisfy the ULS in bending at the supports in the seismic
design situation and EN1990's "persistent and transient design situation™ (i.e., under factored gravity
loads) is fixed. To accommodate it, without excessively increasing the width of the beam to reduce the
top steel ratio, the bottom reinforcement ratio, p', should preferably be increased beyond the prescriptive

minimum values given at the second row of requirements in Table 5.1 and at its last two rows.
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5.7.5 Confining reinforcement in “critical regions” of primary columns

Columns normally have symmetric longitudinal reinforcement: wiq = w2q. Besides, the compression
zone also has to resist the compression force, vq. So, in a flexural plastic hinge of a column the value of
U from Egs. (5.64) cannot be achieved in the same way as in a beam, i.e., by reducing & from Eq.
(5.39a) through a reduction in (p1 - p2). Instead, the extreme concrete fibres are allowed to reach their
ultimate strain, &,z = 0.0035, and spall; the plastic hinge relies thereafter on the enhanced ultimate strain
of the confined concrete core inside the hoops, to provide the required value of x, through confinement.

The effective mechanical volumetric ratio of confining reinforcement, awwq, required in plastic hinges of
DC M or H columns is given at the last row of Table 5.4 (see also Notes (4)-(6) thereof) and is repeated

here for convenience:

am,, :301u¢8ydvd%_0'035 (5.65a)

(o]

The mechanical volumetric ratio wwq is defined as (pn+pb)fywa/fca, With the transverse reinforcement
ratios, pn, pp, Normalised to the sides of the confined core to the centreline of the perimeter hoop:
ho = hc - 2(c+dpw/2), bo = be- 2(c+dpw/2) (5.66)
where hc, b are the external depth and width of the column section, respectively, c the concrete cover to
the outside of the hoop and dy, the hoop diameter. The confinement effectiveness factor, a, is a product
of:
e 0One component, as, reflecting the variation of confinement along a column with discrete stirrups,
and
e a, expressing the assumption that there is no confinement over the part of the section outside
parabolic arcs emerging from the centres of adjacent vertical bars laterally restrained at tie corners

or cross-tie hooks, at an angle of 45° to the chord connecting these two bar centres.



142

For a rectangular section with a perimeter hoop at a centreline spacing of s, the confinement

effectiveness factor, a, is:

acf1- S |1 s |, b6 (5.67)
2b, 2h, b,h, '

where the product of the first two terms is as and the third term is a, (with b; denoting the spacing along
the perimeter of adjacent laterally restrained vertical bars, the summation extending over all pairs of
such bars and the denominator being the area enclosed by the polygonal line connecting the laterally

restrained bar centres, see Fig. 5.9).
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Fig. 5.9 Definition of geometric terms for the confinement of a rectangular column

Example 5.7 at the end of this Chapter illustrates the application of Egs. (5.64), (5.65a), (5.66), (5.67),
while Examples 5.8 and 5.9 demonstrate the definition and calculation of a, in non-rectangular sections.
Finally, Example 5.10 shows alternative layouts of confining reinforcement and compares them in terms

of cost-effectiveness.



143

Although they appear so different, the expression for awwg in Eg. (5.65a) and the maximum steel ratio in
beams at the third row of requirements in Table 5.1 are derived similarly; the differences from the two
bullet points in Section 5.7.4 are that:

o the full section depth, h, is used, instead of the effective one, d, in nondimensional values, such as &,
= Xu/h, va.= Ng/(bhfcq), etc., in the semi-empirical expression: ¢y = 1.75¢,/h, etc.;

e ¢, is calculated for the confined core, with the ultimate strain of its extreme compression fibres
given as a function of awwq according to the confinement model in Eurocode 2, with & = x/h
computed from Eq. (5.39a) for vq.= Ng/(bhfcq), w14= w24 and wyq neglected, compared to vy.

The confinement reinforcement per Eq. (5.65a) is required by Eurocode 8 not indiscriminately in every

“critical region” of a column, but only where a plastic hinge may form by design, namely at the base of

DC M or H columns — at the connection to the foundation or at the top of a rigid basement. In all other

“critical regions” of DC M columns, only the prescriptive detailing rules in Table 5.4 for the minimum

mwg-Value, the maximum spacing, sw, and the minimum diameter, dy, Of stirrups apply. In DC H

buildings, however, Eurocode 8 requires confining reinforcement per the last row of Table 5.4 in the

“critical regions” at all column ends which are not checked per Eq. (5.31) — i.e., those falling into the

exemptions from Eq. (5.31) per Eurocode 8, listed herein in Section 5.4.2 — see Notes (7) and (9) in

Table 5.4. Besides, some confining reinforcement is also required even in the “critical regions” at the

ends of DC H columns which are protected from plastic hinging by meeting Eq. (5.31) in both

horizontal directions. That confining reinforcement is computed from Eq. (5.65a), but for a w,-value

(denoted in Table 5.4 by yq)*) which is obtained using in Egs. (5.64) two-thirds of the basic g-factor

value, qo, applicable for the design, instead of the full q,-value (see Note (7) in Table 5.4).

Wherever it is required, the confining reinforcement should be computed separately in the two directions

of bending, using the values of g, (and hence of x,) applying to the structural system in these two
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directions and the most unfavourable (i.e., maximum) value of the axial force from the analysis for the
seismic design situation. The largest value from these two separate calculations should be used for wyg.
It should be implemented as the sum of the mechanical reinforcement ratios in both transverse
directions, (pn+pn)fywd/fea, providing however about equal transverse reinforcement ratios in both: pn = pp.
If the value of awwg cOmes out as negative for b, = be, then the target value of x, can be achieved by the
unspalled section without confinement. In that case the stirrups in the “critical region” may just follow
the prescriptive detailing rules of the corresponding DC concerning their minimum ayg-value,
maximum spacing Sy, minimum diameter dyy, etc (see Table 5.4).

For a sample application of this Section at the base of the columns of the 7-storey example building, see

Section 7.6.2.2.

5.7.6 Confinement of "boundary elements™ at the edges of a wall section

It was pointed out in the second paragraph of Section 5.6.1.2 that the ULS-design and the detailing of a
wall as RC member differ from those of columns: the moment resistance of a wall is provided by
“tension and compression chords” or “flanges” at the edges of its section; its shear resistance by the
“web” in-between. The wall's vertical reinforcement is concentrated in “boundary elements” at the two
edges of the section; confinement of concrete is also limited there (see Fig. 5.7 and examples in Figs.
7.45-7.47 of Chapter 7).

Table 5.5 gives in separate sections the detailing rules of Eurocode 8 for the "boundary elements"” and
the "web". The first part of the "boundary elements™ section refers to the critical region; the second, to
the rest of the wall height. The rows before the last one in the first part give prescriptive rules for the
geometry, the vertical bars and the confining reinforcement of boundary elements; the last row specifies
the effective mechanical volumetric ratio of confining reinforcement, awyg, in the boundary elements of

DC H or M walls as a function of the value of z, which corresponds, via Egs. (5.64), to the product of g,



145

times the ratio Mego/Mr4o at the wall base (see second to last paragraph of Sect. 5.7.3):

b
am,y = 30:%8yd (vd t o, )b_w —-0.035 (5.65b)

bw appears in Eqg. (5.65b) instead of b, but has the same meaning: it is the external width of the
compression flange. Eq. (5.65b) has the same rationale and derivation as Eq. (5.65a) for columns, but
includes also the mechanical ratio of vertical bars in the web, wyq = pifya/fca, @s non-negligible compared
to vq.

Note (3) in Table 5.5 points out that, under certain conditions often met in practice, Eurocode 8 allows
to determine the confining reinforcement of boundary elements in DC M walls according to the rules for
walls of DC L. As a matter of fact, under the conditions outlined in that Note, Eq. (5.65a) most likely
gives a negative outcome for awwq When b, = by, ie., the target u,-value can be achieved at the
unspalled section without confinement (cf. last paragraph in Sect. 5.7.5).

Above the “critical region” of DC M or H walls, DC L rules apply for the confining reinforcement of
boundary elements, as well as for their geometry and vertical bars. They come from Eurocode 2 and
essentially require smaller boundary elements around any edge region of the section in which the
vertical bars give a local vertical steel ratio above 2%. Such a region should be enclosed by hoops,
following the prescriptive rules in Eurocode 2 concerning hoop diameter and spacing; these rules are
very much relaxed compared to the ones of Eurocode 8 for the critical region of DC H or M walls.

The horizontal extent of a confined boundary element in the critical region may be limited to the part of
the section where, when the wall reaches its ultimate deformation, the concrete strain exceeds the
ultimate strain of unconfined concrete per Eurocode 2, i.e., &, = 0.0035. The hoop enclosing a
boundary element should have a centreline length of x,(1-&u2/&u2,c) 10 the direction of the wall length, I,

(= he), with the neutral axis depth after concrete spalling, x,, estimated as :
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X, =y + o) h;;bc (5.68)

and the ultimate strain of unconfined concrete, &2, estimated per Eurocode 2 as:

&uzc = 0.0035+0.1awwg (5.69)
using the actual value of amyq in the boundary element. In Eq. (5.68), b, h. are the same as the wall's by,
lw, respectively. The overall length of the confined boundary element includes the concrete cover and the

perimeter hoop:

I, 2xu[1—ﬂJ+2(c+dﬂJ (5.70)
€ 2

cwze
The final value of I; should respect the minimum values at the first row of part (a) "critical regions” in
the "boundary elements™ section of Table 5.5.

For a sample application of this Section to the critical height of one wall of the 7-storey example

building, see Section 7.6.2.4
5.7.7 Confinement of wall or column sections with more than one rectangular parts

Wall or column sections often consist of several rectangular parts: sections with T-, L-, I-, U-shape,
walls with “barbells” at the edges of the section, etc. For such sections wwg Should be determined
separately for each rectangular part of the section which may play the role of a compression flange
under any direction of the seismic action. Egs. (5.65) should first be applied using the external width of
the compression flange at the extreme compression fibres as b in Eqg. (5.65a), or as by, in Eq. (5.65b).
This applies also to the normalisation of Ngg, and of the area of vertical reinforcement between the
tension and compression flanges, As, as va = Ned/(hbcfea), avg = Asv/(hbe)fyal/fea, With he denoting the
maximum dimension of the unspalled section at right angles to b, (as if the section were rectangular,

with width b, and depth h¢). For this to apply, the compression zone should be limited within the



147

compression flange, whose width is be. To check if this is the case, the neutral axis depth, x,, at the

ultimate curvature after the concrete cover spalls at the compression flange is computed from Eq. (5.68).

The outcome is then compared to the dimension of the rectangular compression flange at right angles to

b (i.e., parallel to hc), after reducing it by (c+dyw/2) for spalling. If this reduced dimension exceeds Xy,

the outcome of Egs. (5.65) for wwg is implemented by placing stirrups in the compression flange in

question. About equal stirrup ratios should preferably be provided in both directions of this compression

flange. However, what mainly counts in this case is the steel ratio of the stirrup legs at right angles to b..

If the value of x, from Eq. (5.68) exceeds the dimension of the compression flange at right angles to b,

by much more than (c+dp/2), there are two practical options:

1. To physically increase the dimension of the rectangular compression flange at right angles to b, so
that, after its reduction by (c+dpw/2) due to spalling, it exceeds x, from Eq. (5.68).

2. To confine the rectangular part of the section at right angles to the compression flange (the “web”),
instead of the compression flange itself. This is meaningful only if the compression flange for which
the neutral axis depth has first been calculated from Eq. (5.68) is shallow and not much wider than
the “web”. Egs. (5.65) should be then applied with a width b, or by, equal to the thickness of the
“web” (also in the normalisation of Ngg and Ay Into vy, arng). The outcome of Egs. (5.65) for wwg
should be implemented through stirrups in the “web”. It is consistent with this choice to sacrifice the
compression flange by placing in its parts outside the “web” transverse reinforcement meeting only
the prescriptive rules for stirrup spacing and diameter, without confinement requirements. It is more
prudent, though, to place in them the same confining reinforcement as in the “web”.

Example 5.11 at the end of the Chapter demonstrates the relationship between confining steel at key

points of a wall section and the available ductility factor per Eurocode 8.

What has been said so far in this Section covers both walls and columns with composite section. For
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walls of this type, Eurocode 8 requires a rigorous approach, namely to go to the fundamentals
(equilibrium, o-¢ laws for steel and confined concrete per Eurocode 2, etc), to provide the required value

of uy=p./py. The level of safety provided by Egs. (5.65) should be maintained.
5.8 Dimensioning for vectorial action effects due to concurrent seismic action components
5.8.1General approaches

Beams are dimensioned in flexure or shear for scalar internal forces/action effects, i.e., bending moment
or shear force, respectively. By contrast, columns and walls are dimensioned for uniaxial (or biaxial)
bending with axial force and for uniaxial shear with axial force, i.e., for two or three concurrent internal
forces. Let's consider these internal forces as arranged in a vector: [My, M, N]" for biaxial bending with
axial force, [M, N]', or [V, N]", for uniaxial bending or shear with axial force, respectively. If it was the
result of a single seismic action component, that vector would be added to and subtracted from its
counterpart due to the quasi-permanent actions; dimensioning or verification would be carried out
separately for the vector sum and the vector difference. The question is how do we combine the vectors
of peak responses predicted through linear analysis for the individual seismic action components,
notably the horizontal ones X and Y, when we know that these peak responses are not simultaneous?
Let's consider biaxial bending, with the vectors of seismic action effects produced by the horizontal
components X and Y denoted as:

Ex = [Myx, Mzx, Nx]", Ev = [Myy, My, Nv]" (5.71)
Eqg. (3.99) gives the expected peak values of individual internal force components due to concurrent

horizontal seismic action components, X and Y:

i'vly,max:ivl\/lj,x +M5,Y ! i'\/Iz,max:i\jl\/Izz,X +M22,Y 1 iNmax:i\/N)Z( +N$ (572)

Their counterparts from Eq. (3.100) are:
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M, e =2max{( M, [+2]M,, 2 M, [+IM, ) (5.73a)
Mz,max ZimaX[(l MZ,X |+)“| Mz,Y |);(/1| Mz,x |+| Mz,Y |)J (573b)
N e = £max{(| Ny [+4] Ny 52Ny [+ N, )] (5.73¢)

It is physically implausible and over-conservative to assume that the maxima of the three internal forces
in Eq. (5.72) — or Eq. (5.73) — take place concurrently as:

E =[My.max, Mz .max, 2Nmax]" (5.74)
where My max, Mzmax, Nmax are given by Eqgs. (5.72) or (5.73). Nevertheless, Eq. (5.74) is commonly used
in practice. Alternative, more plausible combinations are described in (Fardis 2009); they depend on the
type of linear analysis carried out. Another question concerns the permutations of signs among the three
internal forces. Modal response spectrum analysis always gives positive results, taken with plus and
minus sign. By contrast, the lateral force method gives results with signs; so, when the sign of the
seismic action is reversed, all internal forces change sign: internal forces with the same sign keep having
the same sign; those with opposite signs stay with opposite signs.

A simple approximation is suggested below as an alternative to the eight combinations of Eq. (5.74).
Strictly speaking, it does not have a rigorous basis, but is rational and gives reasonable results, close to
those from the rigorous approaches highlighted in (Fardis 2009). For the general case of biaxial bending,
Egs. (5.71), this alternative includes sixteen combinations:

[+My,max, AMzmax, tNmax]" (5.75a)

[+AMy maxs Mzmax, +Nmax] " (5.75h)
The vector of internal forces due to the translational seismic action components, X and Y, is
superimposed to the vector due to the torques produced by the accidental eccentricities of both
horizontal components (see Section 3.1.8). As this latter vector is computed via static analysis, its

components have signs, which may be reversed all together but not individually. If the combination of
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components retains the signs of individual action effects, the superposition takes place with signs, such
that the internal force which is maximised in the vector due to the translational components is
superimposed to its counterpart due to the torques from accidental eccentricities with the same sign; the
signs of the other components of the vector due to the accidental eccentricities follow suit, so that they
are the same or opposite to each other, in line with how they came out from the static analysis. This is

illustrated in Example 5.12.

5.8.2 Implications for the column axial force values in capacity design calculations

The value of the column moment resistance, Mggqc, Used in capacity-design calculations should be based

on a safe-sided, yet meaningful value of the column axial force, N, within the range of values from the

analysis for the combination of the design seismic action with the quasi-permanent loads. More
specifically:

1. For the strong column-weak beam capacity design of Eq. (5.31), the minimum compressive or
maximum tensile axial force in the column should be used.

2. For the capacity design shear of beams, Eqgs. (5.42), we use the maximum compressive axial force in
the columns connected to the beam.

3. For the capacity design shear of the column itself, Eq. (5.44), we are interested both in the maximum
compressive and the maximum tensile (or minimum compressive) axial force in the column.

4. For the capacity design of the foundation system and the bearing capacity verification of the soil,
both the maximum compressive and the maximum tensile (or minimum compressive) force in the
column are of interest (see Section 6.3.2).

The maximum or minimum compressive axial forces in the seismic design situation come from the

maximum compressive and maximum tensile axial force, respectively, from the analysis for the seismic

action.
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In principle, the value used for N should be consistent with the sense of action (sign) of Mggc. For
example, for response dominated by the first mode in a given horizontal direction, flexural plastic hinges
at the base of columns normally have tension at the “windward” side of the column and compression at
the opposite; the reverse normally holds in plastic hinges at column tops. On the other hand, the first
mode dominated response induces tensile axial forces at the top and bottom of exterior columns of the
“windward” side and compressive ones in those of the “leeward” side.

The controlling moment component is the one for which a plastic hinge forms, let’s say My. The other
moment component is not of interest. If Mgq. IS conventionally taken as positive, My is considered
positive if it has the same sense of action as Mgqc. N is taken positive if it is compressive.

1. Ex, Ev are combined via Eq. (3.99): The maximum compressive or tensile seismic force is:

+maxNe = +V(Nx*+Ny?) (5.76)
These values are used if the sense (sign) of the bending moments doesn’t make a difference to the
value of X Mggy. If it does, assuming that the plastic hinge forms in the direction of My, the outcome
of Eq. (5.76) is multiplied by Mgq /My max. Another physically meaningful option is to take the
magnitude of N as V(Nx?*+Ny?) and use the sign of the axial force in the mode with the largest
contribution to the moment in the direction of Mgrq . When that contribution has the same sense (sign)
as Mgg.c.

2. Ex, Ey are combined through Eg. (3.100). If modal analysis is used, or, if the lateral force method is

applied but the sense (sign) of bending moments does not make a difference for the beam moment
resistance sums, > Mgq, the maximum compressive force in the column is:

maxNe = max[([Nx|+2INv|); (INv|+ANx|)] (5.77)
The maximum tensile force is given by the same expression but with a minus sign. If Ex, Ey are

computed separately by the lateral force method of analysis, and, in addition, the sense (sign) of
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bending moments makes a difference to the beam moment resistance sums, >Mgqp, then the
maximum compressive force in the column is taken as:
maxNe = max[(sign(My,xNx)Nx+sign(My,yNy)ANy); (sign(My,yNy)Ny+sign(My, xNx) ANx)]
(5.78a)
while the maximum tensile (minimum compressive) force is:
minNg = min[(sign(My xNx)Nx+sign(My,vNvy) ANy); (sign(My yNy)Ny+sign(My xNx) ANx)]
(5.78b)
The column axial forces due to the accidental eccentricities of both horizontal components (see Section
3.1.8) are added to the extreme seismic axial force determined as highlighted above, with the same sign

(i.e., as tensile for minimum N, or compressive for maximum N).

5.9 ""Secondary seismic elements"*

5.9.1 Special design requirements for “secondary” members and implications for the analysis

The contribution of “secondary” members to lateral stiffness is meant to be neglected in the seismic

response analysis from which the seismic action effects for the verification of “primary” members are

computed. On the other hand, Eurocode 8 imposes two special requirements on “secondary” members,

which require special calculations and verifications:

1. The total contribution to lateral stiffness of all “secondary” members must be less than or equal to
15% of that of all “primary” ones.

2. “Secondary” members must remain elastic under the displacements and deformations imposed on
them in the seismic design situation.

In order to check condition no. 1, but also to estimate the deformations imposed on “secondary"

members in the seismic design situation, the designer needs to carry out two linear analyses per
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horizontal component of the seismic action:

a. one including the contribution of “secondary” members to lateral stiffness, and

b. another one neglecting it.

For condition no. 1 to be met, the (inter)storey drifts computed from analysis (b) should be less than
1.15 times those from analysis (a). Note that it is on the basis of the results of analysis (b) that “primary”
members are designed and that all the verifications per Eurocode 8 which do not concern “secondary”
members are carried out (including the damage limitation checks on the basis of interstorey drifts due to
the damage limitation seismic action, see Section 1.3.2). On the other hand, a structural model which
includes the contribution of “secondary” members to lateral stiffness is essential for the design of these
members against combinations of actions which include other lateral loadings, for example, if the
building is also designed for wind. Besides, the same model can be used for the analysis under factored
gravity loads ("persistent and transient design situation™). Finally, the results of an analysis of type (a)
can be used to estimate the deformations imposed on “secondary” members in the seismic design

situation (see next section).

5.9.2 Verification of “secondary” members in the seismic design situation

According to Eurocode 8, the design moment and shear resistances of “secondary” members at the ULS
per Eurocode 2, Mgrq and Vgg, may not be less than the internal forces (bending moments and shears)
derived for these members from the deformations imposed by the rest of the system in the seismic
design situation, in a seismic response analysis which neglects the contribution of “secondary” members
to lateral stiffness. These internal forces are to be derived from the imposed seismic deformations using
the cracked stiffness of “secondary” members (i.e., 50% of the gross, uncracked section stiffness). At an
extreme limit case, “secondary” members must be designed for seismic action effects derived with a g-

factor of 1/1.15=0.87! To meet this onerous requirement, the lateral stiffness of “secondary members”
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should indeed be very low and the global stiffness of the system of “primary” members and its

connectivity to the “secondary” ones should be such that seismic deformations imposed on the latter are

small.

The seismic deformation demands imposed on “secondary” members in the seismic design situation are

determined according to the equal displacement rule through a multi-step procedure:

I. The elastic deformation demands in the “secondary” members due to the design seismic action are
estimated from a linear seismic analysis of type (a) in the previous section, i.e., including the
“secondary” members in the model. The design spectrum is used, i.e., the one divided by the
behaviour factor, g, but its deformation results are back-multiplied by @, to estimate the
displacements as though the structure were elastic.

I1. The outcome of Step | for storey i is multiplied by the ratio of interstorey drifts in that storey from a
type (b) linear analysis to those from a type (a) linear analysis. The result is the deformation estimate
we seek; it is multiplied by the cracked stiffness of the “secondary” member in order to estimate its

internal forces, to be compared to Mgq and Vgq (see Eq. 1.1).

5.9.3 Modelling of “secondary” members in the analysis

In the structural model for the analysis which neglects the contribution of “secondary” members to
lateral stiffness (type (b) analysis in Section 5.9.2), “secondary” members should be included only with
those of their properties which are essential for their gravity-load-bearing function:
“Secondary” vertical elements may be included with their axial stiffness only and with zero flexural
rigidity, or with moment releases (i.e., hinges) introduced between their ends and the joint they
frame into. Such an approximation is acceptable, so long as the seismic axial forces in these
members are small. This precludes vertical elements on the perimeter from such modelling

(anyway, it is not sound engineering practice to consider such members as “secondary”).
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—  “Secondary” beams directly supported on vertical elements and continuous over two or more spans
should be modelled with their flexural stiffness as prescribed by Eurocode 8 for "primary" members
(i.e., 50% of the uncracked, gross section stiffness). Their connectivity with the vertical elements
depends on whether the latter are also “secondary” or not; if they are, zero flexural rigidity of these
“secondary” vertical members, or moment releases (hinges) at their connections with the beam-
column joint are satisfactory also for the “secondary” beams supported on them. If the vertical
elements are “primary”, then two separate nodes may be introduced at interior beam-column joints,
with pin connection between them: one node on the beam and another on the vertical element; the
beam and the vertical element that continue past the joint will resist the gravity loads or the seismic
action, respectively, with their flexural stiffness per Eurocode 8 (50% of the uncracked, gross
section stiffness); moment releases (hinges) in the beam may be used at joints where the beam
terminates (this includes single-span “secondary” beams).

—  “Secondary” beams not directly supported on vertical elements (e.g., supported on girders) may be
included in the model with their full flexural stiffness and connectivity, because their seismic action
effects are negligible anyway.

Note that using different structural models in the analyses of type (a) and (b) is inconvenient, if analysis

and design take place in an integrated computational environment; the design modules will have to

receive analysis results for the same or different members from the two types of analysis, and
combine/modify them appropriately. The alternative, namely to use a single model which neglects the
contribution of “secondary” members to lateral stiffness (for type (b) analysis), does not allow checking

Condition 1 in Section 5.9.1, nor designing the building for other lateral actions, e.g., wind. Moreover,

as the chord rotations at the ends of “secondary” members due to the seismic action are not computed

from an analysis of type (a), the internal forces in “secondary members” due to their seismic
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deformation demands can be estimated only by ad-hoc, approximate and onerous procedures (Fardis,

2009), most likely by hand or with spreadsheets.



